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Preface
For thousands of years, the construction and operation of hydraulic structures has helped people manage
natural river flow in order to control and divert water for flood protection, irrigation, navigation, supply
and sanitation purposes. Several existing ancient structures demonstrate our ancestors’ tremendous grasp
of hydraulic problems and their solutions.
Nowadays, hydraulic engineers face different challenges, resulting mainly from the benefits of the rapid
development of new materials and construction techniques, and from the added requirements of
ecological and economic considerations, resulting in the adaptation of hydraulic structures. For instance,
the European Water Framework Directive, claiming habitat continuity as a main feature for favorable
ecological conditions of our rivers, led to intensive studies on fishways and ramps, even resulting in a
new field of hydraulic research: eco-hydraulics. These desirable ecological conditions must coincide with
new technological needs, such as those evoked by the demand for expansion of renewable energy sources
and a higher capacity of inland waterways and related structures, such as weirs and locks. Economic
considerations often induce new sophisticated designs on single elements or even on whole structures
requiring more hydraulic and structural investigations, e.g. on gate vibrations. On the other hand, climate
change becomes apparent in many regions of the world. More variable rainfall and resulting runoff
challenge hydraulic engineers to review discharge capacity, refurbish and upgrade existing structures,
such as flood protection measures and sewer systems.
The investigation of water-structure interaction thus still demands our attention to fulfill future needs.
Particularly, multiphase flow problems, such as air-water flows and sediment-water flows, are still not
fully understood. Even many phenomena that have been in research focus for a long time, such as the
hydraulic jump, still need further investigation to improve insight and knowledge. These investigations
can be based on different approaches, experimental and numerical modeling as well as field studies. Each
of these approaches may provide useful results, but most notably the combination of all approaches may
still be the most appropriate means.
The International Workshop on Hydraulic-Design of Low-Head Structures, held on 20 - 22 February
2013 in Aachen / Germany, aimed to contribute to the advance and spread of knowledge by bringing
together experts working in the specialized field of low-head structure design from both research and
practice communities. It was yet another event in a series of successful workshops and symposia
organized by the IAHR Hydraulic Structures Technical Committee during the last decade. In total, 19
papers from 10 countries were presented in the fields of
– Weirs and gates,
– Stepped spillways,
– Ramps and fishways,
– Sewer structures,
– Experimental studies and
– Small hydropower
contributing to a successful workshop and indicating the strong interest in, and need for, hydraulic
structures research worldwide.
Prof. Dr. Daniel B. Bung
Chair of Local Organizing Committee,
Vice-Chair of International Scientific Committee
Prof. Dr. Stefano Pagliara
Chair of IAHR Hydraulic Structures Technical Committee,
Chair of International Scientific Committee
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Current and Future Hydraulic Structure Research and Training Needs
B. P. Tullis

Utah State University, Logan, UT, USA

ABSTRACT: There are many relevant current and future hydraulic research needs. This paper discusses
the challenges associated with maintaining the hydraulic structure knowledge base. This can be done in
part by professional engineers at all levels engaging in training activities (as trainers and trainees) at
conferences, workshops, webinars, and in the workplace. Engineers also need to develop life-long
learning skills and habits in order to better transfer applied hydraulic structure research from the literature
to engineering practice. On the research side, the use of nonlinear weirs to increase the discharge capacity
at existing spillways is discussed, along with recent research developments and future needs.
Keywords: hydraulic structure research, life-long learning, labyrinth weir, piano key weir, nonlinear
weir
1 INTRODUCTION
From a big-picture perspective, many of the global water issues have remained unchanged, some of which
include adequate quality and quantities of safe drinking water; the development of hydropower resources
at both the large and small scale; and the storage and distribution of agricultural, industrial, and municipal
water supplies. Over the years, decades, and centuries, hydraulic structure research has played a key role
in identifying and solving many of the challenges associated with meeting those goals. In recent years,
hydraulic structure research has been influenced by improvements in technological tools and
instrumentation (e.g., computational fluid dynamic simulation tools, particle image velocimetry and other
multi-dimensional velocity acquisition techniques, etc.) that have allowed researchers to more accurately
and fully understand flow field behaviors and fluid-structure interactions. Hydraulic structure research has
also been influenced by a greater emphasis and concern for minimizing and/or mitigating the negative
environmental impacts of hydraulic structures without losing the societal benefits of water storage and
distribution. The way in which water is collected, stored, distributed, and bypassed in some regions of the
world has changed and will likely continue to change as a result of changes in climate (e.g., Queensland
Australia has experienced both extreme drought and extreme flooding in the last decade), which will
likely impact hydraulic structure research, as well.
The goal of this paper is to discuss some current and future hydraulic structure design research and
training needs relevant to the United State and perhaps elsewhere. Hydraulic structure research is a
relatively mature field that has relied heavily on empirical relationships derived from experimental data
typically obtained from laboratory-scale models. Unlike the race to extend space travel to the moon in the
1960’s or to find a cure for cancer; a singular, common hydraulic structure research goal or objective
really doesn’t exist. Researchers are busy filling in widespread gaps in the hydraulic structure knowledge
base in areas such as head-discharge relationships, cavitation, air-water flow, sediment transport, flow
resistance, energy dissipation, and environmental impacts and interactions to name a few. In the absence
of a singular or small set of universally accepted future hydraulic structure research objectives, this paper
discusses two fundamental hydraulic structure issues that are of common concern in the United State and
likely other place as well: (1) a decline in the level of experience and expertise in the workplace related to
hydraulic structure design, and (2) the need to increase the capacity of existing spillways.
3

2 MAINTAINING THE KNOWLEDGE BASE
In the United States, the Army Corps of Engineers (USACE) and the United States Bureau of
Reclamation (USBR) were responsible for many of the “large” dam construction projects, including such
dams as Hoover, Grand Coulee, Glen Canyon, and Folsom, that have been constructed in the last century.
Jordanelle Dam (1992) and Seven Oaks (2000) were the last large dams built by the USBR and USACE,
respectively. Due primarily to changes in federal policies and public opinion related to environmental
protection, large-dam construction in the US essentially came to an end. Maintenance, repair, and
modernization of the aging large-dam infrastructure, along with smaller dam construction, have
subsequently become the primary charge of the dam engineering profession. Declines in dam construction
activity have resulted in a diminished opportunity for entry-level and middle-career civil engineers to
learn the craft and problem-solving tricks-of-the-trade from the seasoned experts. Many of the engineers
with large-dam design experience in the US have either retired and/or passed away, leaving a void in the
dam engineering knowledge base.
There are still many talented and qualified dam engineering firms in the US who are active and
successful in the profession, but the lack of large-dam engineering experience will likely become
problematic eventually. For example, Hoover dam’s spillways (two side-channel, drum-gated weirs that
transition into 15-m diameter spillway tunnels) have only operated twice since construction, once in 1941
and again in 1983. Both times, the spillway tunnels experienced significant cavitation damage and repairs
were required. The spillway tunnels at Glen Canyon dam, located on the Colorado River several 100
kilometers upstream of Hoover, also experienced cavitation damage during the spring floods of 1983. As
a result these and similar events, the USBR studied spillway cavitation and developed some guidance for
reducing cavitation risks, which were published in Engineering Monograph No. 41 (Air-Water Flow in
Hydraulic Structures). While research results, such as those presented in Monograph No. 41, are available
in the literature, much of the collective expertise and experience behind that information retired with the
researchers.
Despite the change in dam construction emphasis and the declining practicality and probability of
maintaining all of the experience-based expertise developed during the large-dam construction era, it is
still important for the junior and senior members of the dam construction profession actively engage in
training and information exchange. Technical conferences, workshops, and webinars are good forums for
such exchanges. Senior and junior dam engineers, as well as hydraulic structure researchers, should
actively pursue opportunities to share lessons learned and case-study experiences as presenter,
moderators, listeners, and workshop participants in an effort to transfer knowledge and continually
reinforce dam engineering fundamentals.
The primary goals in engineering education at the university level include helping students develop an
understanding of fundamental engineering principles (e.g., conservation of energy, momentum, and
mass), develop good problem-solving skills, and become effective life-long learners. One way in which
professional engineers remain effective life-long learner is to spend time in the literature. Though much
of the work in the professional engineering journals is theoretical in nature and of limited use to
practitioners, the literature also contains applied hydraulic structure research (e.g, data, and design
guidelines) intended to aid in solving many practical engineering problems.
In a hydraulic structure design course I teach, one of the course objectives is to have students develop
original spreadsheet-based hydraulic structure design programs using published design procedures and
data found in the literature. Several years ago, a former student who had completed his schooling and was
working as a professional engineer requested via email a spreadsheet program that would calculate the
head-discharge relationship for a particular control structure that hadn’t been addressed specifically in the
class. I was surprised and disappointed that, rather than doing a quick literature review on the topic and
subsequently creating his own spreadsheet program, my former student was hoping to find a solution
based on someone else’s work. Consequently, students in the class are now required to independently
research a specific hydraulic structure (e.g., morning glory spillway, siphon spillway, long-throated
flume, stair-stepped spillway, energy dissipation basin, etc.) and produce a short, concise, well-written
technical report on the topic. The students are required to read, understand, and cite a minimum of three
credible references (government design manuals, peer-reviewed journal articles, published books). They
must synthesize the relevant information (e.g., design equations, accuracy limitations, assumptions,
maintenance and operational challenges, etc.) and include a summary list of 7-10 bulleted key
informational items on the subject. Beyond the specific research topic and writing exercise, the goal is to
reinforce life-long learning skills through implementing engineering solutions available in the literature.
The independent learning skills of hydraulic structure engineers and the degree to which seasoned
4

professionals can provide training to junior engineers are both key points in helping to maintain the
hydraulic structure knowledge base and our ability to solve problems.
3 INCREASING EXISTING SPILLWAY DISCHARGE CAPACITY
A common theme with many reservoirs in the US is the need to increase spillway capacity to improve
dam safety. This can be driven by a number of factors, including land use-induced changes on watershed
outflows, increased design storm magnitudes predictions resulting from improved statistical data records,
and design increases due to climate change. To maintain dam safety as the magnitudes of transient flood
events entering existing reservoirs increase, the base-flow reservoir water level must be lowered to
provide more flood storage volume and/or the discharge efficiency of the outflow control structures must
be increased. The downside of the former option is that during non-flood periods, less stored water is
available for use. If the discharge efficiency of the spillway can be increased, base-flow water storage
volumes can be increased while maintaining proper freeboard requirements for dam safety.
Replacing linear weirs (e.g., ogee crest weirs) with nonlinear weirs (labyrinth or piano key weirs) is
becoming a relatively common approach to increasing existing spillway discharge capacity. Comparing
weir walls of common height, wall thickness, crest shape, and channel width; Crookston and Tullis
(2012A) found that the linear weir (weir oriented perpendicular to the approach flow) had the highest unit
discharge and discharge coefficient (Cd) (see Eq. 1), relative to labyrinth weirs with sidewall angles
ranging from 6 to 35. The increase in weir length produced by the labyrinth weirs over the linear weirs,
which ranged from 760% to 160%, was sufficient to increase the net total discharge by as much as 3 to 6
times. Brazos Dam (TX, USA) is an example of a project where the spillway discharge capacity was
increased by replacing linear weirs with labyrinth weirs (see Figure 1).

2
Q = Cd L 2g H 3 / 2
3

(1)

Figure 1. Brazos Dam (a) before the spillway upgrade [crest-gated spillway (left) and emergency embankment spillway just
after demolition started (right)] and (b) after the spillway upgrade project (two-segment labyrinth weir) (photos courtesy of the
City of Waco, TX, USA).

Piano Key (PK) weirs, which are rectangular labyrinth weirs (in plan view) with cantilevered apexes,
represent another effective method for increasing the total weir length and discharge capacity within a
channel of fixed width, relative to a linear weir. Figure 2 shows photographic overviews of the PK weirs
at St. Marc and l’Etroit dams (France), which were some of the earliest prototype PK weirs constructed.
Most PK weirs applications are located on top of concrete dams where there the footprint restrictions
typically wouldn’t accommodate a labyrinth weir. PK weirs can also be used for in-channel applications
with weir footprint restrictions. An in-channel PK weir has been proposed for Dartmouth dam (Australia)
and one is currently under construction at Von Phong dam (Vietnam) (see Figure 3).
While passive (non-gated weirs) flow control structures, like labyrinth and PK weirs, are effective at
increasing discharge capacity, they have limited effectiveness at passing sediment bedload materials
(sands and gravels), which could result in reservoir sediment management issue, and their head-discharge
characteristics are not adjustable. Active (gated weirs) control structures installed in parallel with passive
5

flow control structures should be considered for some applications. Sediment transport impediment may
not be a significant problem at some run-of-the-river structures where the upstream flow velocities are
sufficiently large during flood events to entrain and transport sediment over the weir, but a gated structure
may be more successful generally at discharging sediments. If gated spillways are installed along side a
labyrinth or PK weir [St. Marc dam, see Figure 2(a)], the required passive control structure weir length
needed to pass the design flood can be reduced. The ‘composite’ spillway structures (active and passive
control) are particularly beneficial for dams in remote areas where a dam tender is not always present.
The labyrinth or PK weir will accommodate the smaller return-period storm events. For larger storm
events, the passive control structure will accommodate the leading edge of the flood-flow hydrograph,
giving operators time to reach the dam and open the spillway gates as flood flows increase.

Figure 2. Piano Key Weirs at St. Marc (a) and L’Etroit (b) dams (France).

Figure 3. Von Phong dam (Vietnam) in-channel PK weir under construction (photo courtesy of Quat Dinh Sy).

Though not a complete list by any means, some recent labyrinth weir research studies include: headdischarge relationships (Crookston and Tullis 2012a, Tullis et al. 1995), design methods (Crookston and
Tullis 2012a, Falvey 2003, Tullis et al. 1995); nappe interference, instability, and vibration (Crookston
and Tullis 2012b, 2012e); in-channel vs. reservoir labyrinth weir applications (Crookston and Tullis
2012c, arced labyrinth weirs hydraulics (Crookston and Tullis 2012d); submergence (Tullis et al. 2007);
and energy dissipation (Lopes et al. 2008).
Some recent PK weir research topics include the following: optimizing head-discharge relationship
based on PK weir geometry variations (Anderson and Tullis 2012a, Machiels et al. 2011a, 2011b, Ribeiro
et al. 2011), hydraulic comparisons of PK and labyrinth weirs (Anderson and Tullis 2012b), PK weir
submergence (Dabling and Tullis 2012, Belaabed and Ouamane 2011), in-channel vs. reservoir PK weir
applications (Anderson and Tullis 2012c), PK weir 1D computational flow dynamics simulation (Erpicum
et al. 2011), and various model studies of specific prototype structures.
6

4 FUTURE NONLINERAR WEIR RESEARCH
Some of the general goals associated with on-going and future nonlinear weir research can be categorized
as the following: hydraulic performance optimization, unintended consequence mitigation, incorporate
nonlinear weir head-discharge characteristic into basin-wide hydraulic management schemes.
4.1 Hydraulic Performance Optimization
Labyrinth weir design in practice became much more efficient and practical with the Tullis et al. (1995)
design procedure, which featured an easy-to-program spreadsheet-based design method for sizing a
quarter-round crested labyrinth weir based on a design head-discharge requirement. Falvey (2003)
presented a modified design method based on the Tullis et al. (1995) data. Crookston and Tullis (2012a)
improved the accuracy and extent of the labyrinth weir design data (quarter- and half-round crest shapes)
and provided an alternative spreadsheet-based design method that could be used to either size a new
labyrinth weir or analyze the hydraulics of a predetermined or existing labyrinth weir geometry.
The least hydraulically efficient portion of a labyrinth weir is the upstream apex, which features a
relatively long crest length discharging into a relatively small volume immediately downstream of the
apex. The restricted flow volume, coupled with colliding nappes from adjacent labyrinth weir sidewalls,
causes local submergence to develop (the local tailwater exceeds the crest elevation but downstream weir
sections are not submerged), causing a reduction in local discharge efficiency (Crookston and Tullis
2012e). The upstream apex discharge efficiency can make a difference on a labyrinth weir design but at
present, we don’t have a method to account for that influence. As an example, all of the labyrinth weirs
illustrated in Figure 4 have the same sidewall angle, weir height, and total weir length. Without a way to
account for apex influences on discharge efficiency in current labyrinth weir design methods, the
predicted head-discharge relationships for all three weirs would be identical, although in reality the
discharge efficiency likely decreases with increasing upstream apexes. This may represent a relatively
small uncertainty in the overall design process, but for applications were additional labyrinth weir length
may be cost prohibitive due to footprint restrictions, small optimizations such as the upstream apex
discharge efficiency may become important with respect to meeting design performance objectives.
4.2 Unintended Consequences
Hydraulic structure hydrodynamic behaviors can be complicated and because engineers can’t always fully
describe, document, or understand these complexities, hydraulic designs sometimes result in unintended
consequences. As our understanding of the hydraulic behavior of these structures improves, the
probability of unintended consequences diminishes. The following are examples of research topics that
may merit additional studies. Labyrinth and PK weir are effective flow energy dissipation structures due
to the turbulent mixing that takes place on the downstream apron. Some work has been published on
residual energy downstream of labyrinth weirs (Lopes et al. 2011); additional studies should look at the
interaction between energy dissipation and air entrainment (the goal may be to either increase or limit air
concentrations in the flow depending on the application and environmental needs). Half-round crest
shapes are hydraulically more efficient than quarter-round crest shapes at low upstream heads because the
nappe remains attached to the downstream crest profile (nonaerated nappe), which supports a negative
pressure development downstream of the crest, increasing the driving head differential. The extent to
which non-aerated nappes at the model scale can be reproduced at prototype scales has not been
determined. Any adverse structural issues associated with negative pressure and on the downstream weir
wall face have not been determined. Nappe vibrations, not observed at the model scale, have been
reported at prototype structures at low-head flow conditions. The actual cause has not been determined
and the options for mitigating are not fully understood either. Other unknown, unintended consequences
will likely be identified with additional applications.

7

Figure 4. Labyrinth weir configurations (12 sidewall angle) of equal weir length but different cycle numbers.

4.3 Basin-wide hydraulic management schemes with nonlinear weirs
The improved hydraulic efficiency of nonlinear weirs means that flood-flow hydrographs will be routed
through the reservoir more efficient, resulting in a decreased lag time (time difference between reservoir
inflow and outflow hydrograph peek discharges) and less floodwater going into storage. The more
efficient weir will would make it possible to increase base-flow reservoir storage level and still meet the
necessary dam safety requirements. A consequence of the increased reservoir flood routing efficiency is
an outflow hydrograph with a shorter duration and a higher discharge peek. If flood-flow restrictions exist
downstream of the dam, the increased discharge efficiency of the spillway may cause flooding problems.
It is important to match the head-discharge characteristics of the spillway control structure with both the
upstream and downstream flood routing requirements. The head-discharge characteristics of labyrinth and
piano key weirs can be modified to some extent by staging partial, whole, or multiple cycles at different
crest elevations. More design information regarding staged nonlinear weirs is needed to support the
design of such structures.
5 CONCLUSION
Many relevant, interesting, and important hydraulic structure research areas are currently being studied by
engineering from around the world. Though it may not be practical to identify a single or subset of “most
important” current and/or future research topics, the broad-spectrum goal of improving the effectiveness
with which hydraulic structures can help meet civilizations need for water (i.e., safe drinking water,
hydropower, agriculture, industrial, etc.) remains universal. The focus of this paper was limit to two
general hydraulic structure-related issues: maintaining the hydraulic structure knowledge base and
increasing discharge capacity of existing spillways. To help maintaining the hydraulic structure
knowledge base, professional engineers must develop life-long learning skills and junior and senior
engineers must be willing to participate in professional training activities (e.g., conferences, workshops,
webinars, etc.). Replacing existing linear weirs with nonlinear weirs represents an effective way of
increasing the discharge capacity of an existing spillway without a spillway replacement. A significant
amount of research has been done in recent years on labyrinth and piano key weirs but, as with most
hydraulic structures there is more research is required to more fully understand the appropriate design
techniques, the hydraulic benefits, and the unintended consequences.
NOTATION
Cd
g
H
L
Q

weir discharge coefficient
gravity acceleration
upstream total head on the weir measured relative to the weir crest elevation
weir crest length
discharge
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ABSTRACT: Physical and numerical modelling may be combined within so-called composite or hybrid
modelling. This enables to optimally take benefit of the respective strengths of each modelling approach,
while compensating for their specific drawbacks. Different types of composite modelling may be identified, such as embedding a detailed physical model within a broader scale numerical model, interconnecting different physical and numerical models focusing each on specific processes, or validating a numerical model from experimental data before exploiting the numerical model to generate more results than
available from the experimental facility. Besides, specifically in more basic research, composite modelling may also be used to improve in-depth understanding of the relative importance of different processes
which act simultaneously in the experimental test and may be artificially separated in numerical simulations.
Keywords: composite modelling, physical modelling, numerical modelling, scale effects
1 INTRODUCTION
Physical models have been used for decades in hydraulic engineering, both for project design and for research. They offer as main advantage the ability to reproduce the whole complexity of the prototype
flows and transport processes, provided suitable scale factors and similarity rules are applied (Sutherland
2011). However, challenging issues remain regarding accurate and minimally intrusive measurements of
complex turbulent flow, processing of raw data, best estimations of measurement uncertainties. As a side
benefit, physical models act as powerful communication tools in the promotion of projects and engineering solutions (ASCE 2000).
The widespread use of numerical modelling by the hydraulic engineering community has developed
for about 25 years. It has been built upon significant developments in the underlying mathematical models, increasingly robust numerical solution techniques, as well as the striking breakthroughs in computational power. Once a numerical model has reached a satisfactory level of development and validation, the
costs of application of the model may be extremely low compared to undertaking physical modelling.
Numerical models may apply for very large areas and enable a high flexibility in terms of geometric
changes or sensitivity analysis with respect to a number of input parameters and numerical characteristics
of the model. Last but not least, numerical models enable to retrieve the evolution of flow variables everywhere in an intrinsically non-intrusive way. Nonetheless, the significance of the results of numerical
simulations crucially depends on a number of modelling characteristics, including (Dewals et al. 2012;
Sutherland 2011; Van Os 2004):
− the processes actually included in the model (e.g. air entrainment, surface tensions, feedback of sediment transport on flow turbulence …);
− the exact mathematical formulation of the set of governing equations (e.g., conservative vs. nonconservative formulation of transport equations);
− validity and simplifying assumptions in the closure relations for bed shear stress, sediment transport
capacity, turbulence parameterization …;
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− accuracy and resolution of boundary conditions and input data, such as bathymetry and topographic
data, as well as initial conditions;
− resolution time step, size of the grid cells and numerical scheme, which strongly influence the possible
occurrence of artefacts (numerical oscillations, overshoots, …) and the degree of smearing of variations in flow parameters as a results of numerical diffusion …
Today, the combined application of physical and numerical modelling, referred to as composite or hybrid
modelling (Frostick et al. 2011; Novak 2010), is widely recognized as the most effective strategy for the
in-depth analysis of complex flow and transport processes, both in basic research and for the design of real-world projects. This is implicitly supported by the very standard procedure of validating numerical
models against high quality experimental data considered as a reference (e.g., Erpicum et al. 2009b). A
composite modelling approach aims at capitalizing on the benefits of a synergetic implementation of
physical and numerical modelling as two highly complementary components (Erpicum Accepted;
Sutherland 2011).
In this paper we identify three main strategies to combine physical and numerical modelling for saving
costs while enhancing the quality of the study, as sketched in Figure 1:
− physical modelling embedded within a numerical model: physical modelling may be focused on a restricted area of high complexity (e.g., near-field of a structure) and, therefore, based on a setup characterized by a high scale factor enabling to minimize scale effects. Suitable boundary conditions are provided by a numerical model conducted at a larger scale, i.e. covering a wide area such as a whole
reservoir as well as the reaches upstream and downstream of the structure of interest (Erpicum
Accepted; Erpicum 2012)
− interconnection of focused numerical and physical models: when multiple processes are involved, possibly at multiple scales, they may be addressed by using interconnected physical and numerical models
which focus each on a specific part of the flow for which they turn out to represent the most suitable
approach (Erpicum Accepted);
− validation and extrapolation process: numerical modelling may be validated against experimental and
subsequently used to extend the analysis beyond the range of parameters (e.g. flow conditions, geometry, time horizon …) which may be considered in the available experimental facility (e.g., Dufresne et
al. 2011; Roger et al. 2009; Stilmant et al. 2012).
Moreover, the numerical model may also be used to isolate the specific influence of individual processes,
which could hardly be separated in the field or in experimental conditions. For instance, sediment
transport is governed by the flow characteristics but it may also lead to significant feedbacks on the mean
flow through a number of different processes (Figure 2) such as morphodynamic changes, roughness
changes due to deposits and/or bedforms, as well as turbulence damping or enhancement by suspended
load (Cao and Carling 2002). Whereas the respective effects of each of these processes may hardly be
distinguished in an experimental test, numerical models may be used to quantify their relative importance
by artificially separating them in the simulations.
The different types of composite modelling are often combined within a single study. For instance, a
micro-scale physical model, with a large scale factor, may be embedded within a broader scale numerical
model, which is in turn just one component of a set of interconnected focused numerical and physical
models, while other components are used within a “validation - extrapolation” procedure.
In the following sections, we detail demonstrative examples of the three main strategies in hybrid
modelling of low head hydraulic structures (sections 2 to 4), as well as one example of basic research
supported by hybrid modelling (section 5).
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3 CAPITALIZE ON THE RESPECTIVE STRENGTHS OF PHYSICAL AND NUMERICAL
MODELS
A composite modelling strategy may involve several numerical and physical models, each applied to
study the range of processes, space- and time-scales for which they are best suited. Those models are interconnected in the sense that they exchange data, mainly boundary conditions and offer thus a synergetic
implementation of multiple and complementary focused models.
Such an approach has been followed in the analysis of a project located in an Alpine valley, in which
low-head hydropower schemes have been in operation for over a century. It consists in the replacement of
five old hydropower schemes by a single one, which will produce almost 50 % more power than the total
of the existing ones. Project implementation is scheduled to last about 10 years and involves the following hydraulic engineering works:
− building of a new dam (4.5 m high, 40 m wide) and water intake in the upstream part of the river section,
− construction of a tunnel through the mountain to reach the new underground hydropower plant located
downstream of the existing schemes,
− restoration of the river section where the existing schemes are located and which will be bypassed as a
result of the construction of the new scheme.
Consequently, a number of hydraulic engineering issues need to be addressed to guide the implementation of the project, including:
− estimation of the trapping efficiency of the reservoir upstream of the new dam (storage capacity: approximately 200,000 m³),
− computation of the sedimentation rate in the reservoir and prediction of the location of the deposits,
− evaluation of the performance of sediment management options, such as hydraulic flushing,
− overall hydraulic optimization of the shape of the new water intake and specific optimization of the
transition from a free surface flow in the water intake to an under pressure flow in the penstock,
− analysis of the hydraulic impact and the efficiency of a partially submerged wall in front of the trash
rack to divert small fishes from passing through the grille,
− simulation of flood levels upstream of the new dam, both in the planned situation and at different stages of construction,
− design of the restoration plan to ensure stability of the riverbed after decommissioning of the five existing low-head dams.
Neither a single numerical model nor a single physical model would be suited to cover all those seven
items in order to inform properly the project engineers. In contrast a combination of focused numerical
and physical models have succeeded in delivering reliable, accurate and effective results to illuminate designers concerning the most crucial hydraulic issues of the project. Table 1 summarizes the developed
strategy, strongly based on composite modelling. The most significant parts of the analysis are further detailed in the following paragraphs.
3.1 Reservoir sedimentation and measures for sustainable sediment management
The catchment is characterized by very steep slopes and the tributaries include several mountain streams.
Therefore, significant amounts of sediment deposits are expected in the reservoir during flood periods.
Complementary numerical models have been applied to evaluate the cut-off diameter of the new reservoir, the equilibrium bed profile in the reservoir as well as to assess the feasibility and effectiveness of
flushing operations.
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3.1.1 Cut-off diameter of the reservoir
First, a numerical model has been used to evaluate the grain size of sediment particles likely to reach the
water intake at the beginning of the operation of the new reservoir. To this end, a two-step procedure has
been followed:
− the reservoir hydrodynamics was first simulated by a flow model for normal operation conditions. A
grid spacing of 1 m by 1 m has been used as well as a two-length-scale depth-averaged k-e turbulence
model (Erpicum et al. 2009b).
− next, the flow field was analysed in terms of sediment transport capacity in the reservoir, by means of
particle tracking algorithm (Figure 5), to predict the maximum size of grains able to reach the water intake and, therefore, to cause to accelerated degradation of the turbines blades.
3.1.2 Profile of the balance retained in the absence of specific management
Second, the long-term equilibrium profile of the bathymetry of the reservoir was computed using a sequential resolution of a flow model and of a model for sediment transport and morphodynamics (Figure
6). The sensitivity of the final result was analysed and was found reasonably small with respect to the
main sediment characteristics such as grain size, whereas the amount of sediment supply from upstream
has a much greater influence on the equilibrium profile.
3.1.3 Efficiency of flushing operations
Finally, the rapid and highly transient flow and morphodynamics changes during flushing operations
were simulated using a synchronous resolution of a flow, a sediment transport and a morphodynamic
model (Figure 7). These simulations confirmed the efficiency of flushing operations conducted based on
discharges of return periods of the order of 1 year. The volume of sediments scoured in the reservoir was
compared to the amount of water released during the whole flushing operations, which enabled to define
an optimal duration for the flushing, corresponding to the time during which the efficiency of the operation remains high.
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Table 1. Interconnection of focused numerical and physical models in the study of a hydropower project.

Objective

Spatial
extent

Space scale of
the analysis/
Scale factor

Time scale of
the analysis

Relevant
processes

Numerical
model for
flow and sediment transport

Estimate the
cut-off
diameter
of the
reservoir

5 km
(upstream
reservoir)

1m
(= grid spacing)

< 1 hour (travelling time
through the
reservoir)

Turbulent
flow and sediment transport

Sedimentation in
the new
reservoir

Numerical
model for
flow,
sediment
transport and
morphodynamics

Compute the
equilibrium
bathymetry
in the reservoir and
estimate
the time

2 to 5 years
(sequential
resolution of
the numerical
model)

Turbulent
flow,
sediment
transport and
morphodynamic
changes

Sediment
management
options

Numerical
model for
flow,
sediment
transport and
morphodynamics

Compare the
efficiency of
different scenarios of
flushing operations

5 km
(upstream
reservoir)

24 to 48 hours
(synchronous
resolution of
the numerical
model)

High velocity flow, sediment erosion and
rapid
morphodynamic
changes

Overall
shape optimization of
the water intake

Numerical
model for
flow

Find the optimal geometry of the water intake

190x275 0.25 m
m
(= grid spacing)

None (constant Turbulent
discharges)
flow

Specific optimization of
the outlet
from the reservoir

Scale physical model

Effect of a
submerged
wall in front
of the trash
rack to divert
fishes

60x110
m

Turbulent
None (constant
flow, current
discharges)
patterns

Specific optimization of
the inlet into
the penstock

Scale physical model

Study the
risk of vortex
formation

40x4.2m 1:14.58

Turbulent
None (constant
flow, vortex
discharges)
formation

Simulation
of flood levels
upstream
of the
new dam

Numerical
model for
flow

Estimate design
levels for
flood
protections

5 km
(upstream
reservoir)

None (constant Turbulent
discharges)
flow

Numerical
model for
flow

Plan the
decommissioning of
the existing
dams

10 km
(bypassed
river
section)

Issue

Type of
analysis

Trapping
efficiency of
the new
reservoir

River
restoration

5 km
(upstream
reservoir)
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1m
(= grid spacing)

1m
(= grid spacing)

1:20

1m
(= grid spacing)

1m
(= grid spacing)

Flood
duration (Q1,
Q10, Q100, Q500)

Turbulent
flow, bed
shear stress,
stability of
armour
layer

(a)

(b)

(c)

Figure 5. Tracking of sediment particles in the downstream part of the reservoir. The region in light color defines the envelope
of the trajectories of the particles for grain sizes of (a) 0.425 mm, (b) 0.300 mm, (c) 0.250 mm.

(a)

(b)

Figure 6. Initial reservoir bathymetry (a) and simulated equilibrium profile (b).

(a)

(b)

(c)
Figure 7. Evolution of the reservoir bathymetry during a flushing operation.
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3.2 Optimization of the water intake based on combined numerical and physical modelling
The water intake structures, located close to the dam on the right bank of the river, have to divert from the
main stream the discharge to the power plant, whatever the upstream level and the discharge in the reservoir. In addition, they have to prevent sediments, floating debris, air and fishes to enter the penstock,
while minimizing head losses affecting the power plant efficiency.
The design of the water intake structures has been defined by successive and complementary application of both numerical and physical modelling approaches. A first numerical model has been used to define the overall geometry of the water intake structures, from the reservoir to the penstock inlet. The flexibility and the rapidity of numerical modelling enabled to test quickly a large range of geometry
modifications to objectively suggest an optimized solution. In a second time, two large scale factor physical models have been built to analyse in details specific flow features which were not satisfactorily represented in the numerical model. The boundary conditions of these scale models have been defined from
the numerical model results. The first scale model, with a 1:14.6 scale factor, has been used to analyse the
risk of vortex formation at the transition from the free surface flow in the water intake to an under pressure flow in the penstock. A specific anti-vortex structure has also been designed and validated by using
this dedicated physical model. The second scale model, with a 1:20 scale factor, enabled to analyse the
effect on the free surface currents in the reservoir close to the dam of a partially submerged wall in front
of the trash rack, with as main purpose to create a surface current diverting the small fishes from the water intake and guiding them to the mobile dam right bay, where the minimum discharge in the downstream river is continuously released.
3.3 Stability of the riverbed after decommissioning of the existing dams
More and more efforts are undertaken to restore rivers in a state close to their natural conditions, with the
particular motivation of fulfilling the requirements of the Water Framework Directive 2000/60/EC (e.g.,
Borja et al. 2006). Like in many other on-going projects, river restoration was also part of the present one.
Besides restoration measures such as fish passages, bank restoration, bars or meanders, decommissioning of man-made structures is another important component of river restoration schemes (Raven et al.
2002). It enables to restore the longitudinal connectivity (migration of species for reproduction, food provisioning, etc.) and, in some instances, also the lateral connectivity (exchanges between rivers and riparian ecosystems). However, such interventions can have significant impacts on river, hydraulics and morphology, including bed degradation or aggradation and bank failures.
Although small scale river restoration projects, such as local rip rap or fish ladders, may be assessed
based on relatively simple analyses and some degrees of trial and error approach, large scale river restoration projects, such as decommissioning of dams, require far more comprehensive and detailed analyses
(Parasiewicz 2001). In particular, due to the high investment costs of these projects and the possible large
scale impacts, trial and error approach must be avoided. For this kind of large projects, multidimensional
flow and morphodynamic modelling constitute a very valuable support. Detailed flow modelling enables
to detect erosion-prone areas where caution should be taken regarding bed and banks stability, as well as
to evaluate the variability of flow parameters (for fish reproduction, spawning, etc.). To achieve this goal
in the project discussed here, we have implemented a methodology which relies on 2D flow modelling to
evaluate scenarios of river restoration based on several criteria related to flow, sediment transport and
ecological objectives.
Figure 8 shows the general methodology developed to identify optimal restoration projects. First, both
the topographic model and the boundary conditions for flow modelling are set up. The former constitutes
a key input data, mainly in the riverbed, because it directly governs flow velocity and sediment transport.
The accuracy of the dataset is therefore crucial. As the riverbed stability is one of the most important constraints of the restoration project, upstream discharge is taken close to the effective discharge, which
transports the largest fraction of the bed-material load. The downstream boundary condition is prescribed
as a free surface elevation of a location where this value is known from a rating curve (e.g., weir) or a
gauging station. The mesh size is then determined from a trade-off between the expected result accuracy
and the computational time. The second step consists in the calibration of parameters, such as a friction
coefficient, using reference data (e.g., field survey, flood levels). Next, using a flow model, the present
situation is modelled as a comparison basis. Restoration scenarios, which consist in local topography
changes of the present situation, are implemented to create modified topographic models. If computed results, such as flow velocity, bottom shear stress and water depth on the new configuration comply with
riverbed stability criteria and satisfy restoration objectives, then a satisfactory project is reached.
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Figure 8. Developed methodology to evaluation river restoration scenarios (Rulot et al. 2012).

Several scenarios have been defined differing by the topography modifications at water intakes. The configuration in which all dams are removed and replaced by a more natural river section referred to as “scenario 1”. Other restoration scenarios involve widening of the river to create valuable wetlands. The comparison between restoration scenarios and the present situation is mainly based on:
− Differences in water depths;
− Difference in flow velocity;
− Shields parameter (i.e. non-dimensional shear stress, governing inception of sediment transport).
As an example, comparing Shields parameter values between the present situation and “scenario 1” reveals that typical boulders (d ~ 20 cm) are not set into motion in the present situation, while they are very
likely to be moved by the flow in this restoration scenario. This is just one example of outputs of the flow
simulations, which provide valuable information to support the selection of the optimal restoration scenario. Several additional scenarios have also been tested.
4 VALIDATION AND EXTRAPOLATION PROCESS
Numerical models may be validated against experimental results, and subsequently used to extend the
analysis beyond the range of parameters which may be considered in the available experimental facility
or to speed up the analysis of geometry modifications before a final validation on the scale model. In addition, a physical model has often to be destroyed after testing and analysis (Sutherland 2011) while a
numerical model can last. The latter, if well calibrated and documented, is thus extremely useful if it is
needed to return to a study…
20

Fr>1

Fr>1

Fr<1
Fr<1

Fr<1
Fr>1

Figure 14. Numerical model - Froude number distribution on the spillway – Existing geometry (left)
and proposed rehabilitated design (right)

The numerical model has been used in a second step to rapidly test several sill and channel profile modifications, in order to find the solution which minimizes the excavation but ensures high enough discharge
capacities. In particular, it has been verified that the control section is always located on the top of the
weir, with thus a Froude number higher than one through all of the three bays (Figure 14).
Finally, the optimized geometry defined using the numerical model has been validated on the scale
model (Figure 15), to demonstrate definitively its performances.

(a)

(b)

Figure 15. Final design - Physical (a) and numerical (b) modelling

5 QUANTIFYING THE RELATIVE INFLUENCE OF DIFFERENT PROCESSES
Field observations provide without doubt the most realistic figure of the complex interconnected processes governing flow and sediment transport in real-world conditions. However, interpretation and basic understanding of the underlying physics may be complicated in the case of field measurements due to the
high degree of complexity of interconnected processes which influence the observations. Therefore, experimental conditions are often preferred and offer a complementary view by enabling to replicate the
main features of a flow situation of interest in a controlled environment. Nonetheless, even in an experimental setup, such a flume, not all influences may be controlled separately. In contrast, the somehow virtual environment created by numerical simulations enables to distinguish between individual effects, such
as those sketched in Figure 2. This type of investigation may contribute to a better identification of the
relative importance of several factors influencing flow and sediment transport.
In this section, we present a recent basic research on hydrodynamics and sedimentation in shallow rectangular reservoirs, which may be common appurtenant structures of low head hydraulic projects and are
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During the experiments presented here, the water depth was fixed at h = 0.2 m for a constant discharge of
Q = 7 l/s. The resulting Froude number and Reynolds number are Frin = Q/(bh)/(gh)1/2 = 0.1,
Rein = 4ρQh/(bhμ) = 112,000 (turbulent flow), both referring to the inlet channel.
Velocities were measured at 8 cm from the reservoir bottom by UVP, first during clear water tests,
then during tests with sediment supply, in order to investigate the possible influence of suspended load
and/or of sediments deposits on the flow patterns. Vector velocity maps were produced for all the tested
reservoir configurations. The time-averaged local horizontal velocity V at every measurement point was
normalized to the average theoretical plug flow velocity Vres = Q/(B·h) = 8.75 mm/s assuming the basic
hypothesis of a one-dimensional motion of the whole discharge Q through the cross section B h. Figure
18 shows the distribution of the normalized average horizontal velocities Vnd = V/Vres in the entire reservoir for the so-called L-R configuration, i.e. with inlet and outlet channels located respectively on the left
and right sides of the reservoir centreline. The velocities along the main jet have a minimum in the order
of 100 mm/s, while in the centre of the recirculation zones, velocity reaches a minimum of about 10 –
20 mm/s. The right hand side of Figure 18 corresponds to the flow patterns measured after 4 hours of sediments supply. The flow pattern which developed during tests with suspended sediments is different from
the one developing during clear water tests (Camnasio et al. 2012).
Sediment deposits thickness on the entire reservoir bottom was measured by a laser method after 2
hours and after 4 hours of sediment supplying. The laser was placed in a water-proof box attached to the
movable metal bar, at a known height from reservoir bottom. The voltage given by the laser is linked to
the distance of the laser light source from the top of the sediments deposits, through a calibration line calculated for the instrument under real operating conditions. The current intensity signal coming from the
laser was first converted into a voltage signal. Then it was sent to the PC by a USB high-speed data acquisition module.
5.3 Numerical modelling
Figure 19 shows profiles of the longitudinal velocity in different cross-sections of the reservoirs, as simulated with a k-ε turbulence model for the initial situation with a flat bottom and for the bathymetry obtained after 4 hours of sediment deposition. The results follow closely the experimental observations,
both in the recirculations and in the main the jet. Changing the bottom roughness would lead to hardly noticeable changes in the velocity profiles, which is in agreement with Babarutsi et al. (1989) and Chu
(2004) for unilateral expansions: since the bed friction number remains here very low, the flow is classified as “non-frictional” and is thus not influenced by the roughness. When the topography corresponding
to sediment deposits is considered, the velocity increases by up to 10% in the centre of the jet and the
change of flow pattern is visible in the cross-sectional profiles.
To analyse the feedback effect of morphodynamic evolution on the flow pattern, the time evolution of
the measured thickness of sediment deposits has been implemented in the flow simulation as a timevarying topography. Four hours of flow have been simulated, corresponding to the total duration of the
experiments with sediments. Since only three maps of measured sediments deposits were available (initial
condition, deposits after 2 h and deposits after 4 h), linear interpolation in time has been used for the intermediary time step.
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fluence on the flow characteristics of changes in the reservoir bathymetry and in the bottom roughness as
a result of sediment deposits. These two influences could hardly be separated if the research relies solely
on physical modelling and not on composite modelling.
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ABSTRACT: Floods forecasting and management of large regulated rivers require the ability to properly
combine classical flow routing with the regulation dams that act as internal boundaries. Therefore a good
knowledge of the stage-discharge relationships of these dams is mandatory. The Meuse River in Belgium
is such a regulated river, for which the HYDROAXE software was developed jointly by the Belgian Ministry of Public Works (SPW-SETHY) and the Hydraulics Laboratory of the Université catholique de
Louvain (Belgium). Working for a constant improvement of this software, this paper presents an experimental study of flow over a typical dam of the River Meuse, i.e. a dam controlled by radial gates
equipped with flap gates. Measurements of the upstream water level and of the discharge are presented
for different positions of the flap gate. According to earlier works on gates featuring a variable inclination, mainly drum gates, it is observed that the stage-discharge relationship depends on the inclination of
the flap. However, the theoretical discharge coefficient obtained by means of formulae of the literature
always exceeds the measured discharge coefficient. This suggests that further work is required to obtain a
stage-discharge relationship adapted to the particular case of radial gates equipped with flap gates.
Keywords: Dam discharge modelling, Flood forecasting software, Physical model of gate, flow over gate,
flow below gate

1 INTRODUCTION
The Meuse River in Belgium (Figure 4) is regulated through 15 dams (e.g. the La Plante dam illustrated
in Figure 5) consisting of radial gates and flap gates (Figure 6). For low discharges water flows over the
flap gate. This mobile part being progressively lowered when the discharge increases in order to maintain
the prescribed water level in the regulated reaches. For higher discharges, the radial gate is raised incrementally and the water flows both over and under the gate. For further increasing discharges, the gates are
completely raised and the water level is unregulated.
To predict the water levels along the Meuse River, the HYDROAXE software was developed at the
Université catholique de Louvain, Belgium (e.g. Scherer and al. 1998, Dal Cin and al. 2005). HYDROAXE is a real-time flood forecasting tool based on the numerical resolution of the 1D Saint-Venant
equations, including the Exchange Discharge Model (Bousmar and Zech 1999) to account for momentum
exchanges between the minor bed and the floodplains. In its current state, HYDROAXE covers the
Meuse River from the dam of Hastière close to the French border until the dam of Monsin close to the
city of Liege. Based on 18-hours discharge prediction, the model provides in a few seconds the hourly
evolution of the water level along this reach of about 150 km. The considered reach is equipped with 15
dams as indicated in Figure 4. The model takes into account the operation of the dam gates and their influence on the flow. In this context, the accuracy of the stage-discharge relationships used in the numerical model for the gates is crucial.
In this paper, we present an experimental study of flow over a scale model of the radial and flap gate
of the La Plante dam (Figure 5). Among the wide range of stage-discharge relationships that can be found
in literature for flows over weirs and gates, the formulae by Bradley (1954) and Sinniger and Hager
(1989) appeared as the most appropriated for our case. These formulae are used to predict the discharge
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in our experiments, and the results are compared to the measurements. Finally, conclusions are drawn regarding their applicability to the Meuse River dams.
2 FLOW OVER THE GATE
2.1 Some existing theoretical models and experimental studies concerning flows over weirs
Among the theoretical and experimental studies about flows over weirs that can be found in the literature,
only very few consider a variable flap angle (Bradley 1954, Sinniger and Hager 1989). Other models developed for sharp crested weirs may also be considered, such as those developed by Chow (1959), Naudasher (1991) or Novak (1996).
In the models proposed by Chow (1959) and by Naudascher (1991), the discharge coefficient is calculated from the known discharge and a water depth h, defined as the difference between the elevations of
the water surface upstream the gate and the highest point of the gate (Figure 8). For a gate of width L, the
equation proposed by Chow (1959) is

Q = C L h3 2

(1a)

h

with C = 0.3048  3.27 + 0.40 
w


(1b)

where the discharge coefficient C is given in (m1/2s-1). Naudascher (1991) proposed

Q=

2
µ 2g L h3 2
3

with µ = 0.61 + 0.08

(2a)

h
w

(2b)

In these two models, the discharge coefficient depends linearly on the value of h / w, where w is the distance between the toe and the highest point of the gate (Figure 8). It must be noted that only the upstream
water level is taken into account in h, and not the total head. In the model by Novak (1996), the discharge
coefficient also depends linearly on the value h / w but the total head above the highest point of the gate,
denoted by H (Figure 1), is used, instead of h, to calculate the discharge:
Q = µ 2g L H 3 2
with µ = 0.602 + 0.075

(3a)
h
w

(3b)

2.2 The theoretical model based on Bradley (1954) and Sinniger & Hager (1989)
The theoretical model is based on the work of Bradley for flows over drum gates for which the upstream
face is quite similar to a flap gate. Bradley proposed the following relationship between the discharge and
the total head.

Q =CLH32

(4)

Where C is the discharge coefficient and L is the width of the channel.
The evolution of C [ft1/2.s-1] as a function of the angle θ between the horizontal and the tangent to the
downstream lip of the gate is shown in Figure 1 following Bradley (1954), for different values of the ratio
H / r, r being the radius of the gate. It must be noted that if θ is positive, the highest point of the gate is
the lip of the gate; otherwise, it is the crest of the gate.
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Figure 1. Discharge coefficient C [ft1/2.s-1] (Bradley 1954)

Sinniger and Hager (1989) proposed an analytical expression for the curves observed by Bradley (1954)
where the discharge coefficient C is a function of θ, H / r and g, the gravity acceleration.
 H
C = 2 g µ θ , 
 r 

Figure 2. Discharge coefficient

(5)

= C / (2g)1/2 (Sinniger and Hager, 1989)

The dimensionless discharge coefficient μ (Figure 2) is defined according to the following equations:

µ min

 1  H 1 3 
= 0.313 1 +    , for θ min = −20 
 2  r  

(6a)
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µ max = 0.483 1 +


1 3

 1  H 2 
 , for θ max = 20  1 + 1 −  
r  

 2 

1 H
 
69  r 

(6b)

µ=

µ min
µ max

(6c)

=

θ − θ min
θ max − θ min

(6d)

µ
µ max



= µ + (1 − µ )  e1−



4

(6e)

One characteristic in the behaviour of this model is that it reproduces the observed two-limb curve of the
discharge coefficient with H / r for a fixed θ: both in the descriptions by Bradley (1954) and Sinniger and
Hager (1989) illustrated in Figures 1 and 2, for angles θ < θmax the discharge coefficient increases for increasing H / r while for angles θ > θmax, the discharge coefficient decreases for increasing H / r. It can be
shown by studying the partial derivative of function μ (6e) with respect to H / r that this trend is reproduced by the empirical model (6), but only for a limited range of values, i.e. H / r  [0.10;0.50] and
θ  [27°, 43°] (Figure 3).

Figure 3. Discharge coefficient following Sinniger and Hager (1989)

In our study, we will focus on the model by Sinniger and Hager (1989). This model is based on the initial
observations by Bradley (1954), as it considers a variable flap angle and thus appears more adapted to the
actual gates of the River Meuse. However, the models by Chow (1959), Novak (1996) and Naudasher
(1991) will also be considered in the comparisons with the experiments, to illustrate and highlight the
strengths and weaknesses of each approach.
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3 EXPERIMENTAL SET-UP
The La Plante dam is located near the city of Namur on the Meuse River (Figure 4). It is composed of
four radial and flap gates (Figures 5 and 6). The physical model replicates a one-meter wide section of a
gate of the La Plane dam at the scale = 1/25, including the design of the approach channel upstream and
the stilling basin downstream the gate (Figures 6 and 7). The radial gate in the scale model is 0.141 m
high, and the flap angle can vary between -33.36° and 65.24° (Figure 7) in order to reproduce the range of
discharges considered in the River Meuse for flow over the gate.

Figure 4. Overview of Meuse basin and river (fr.wikipedia.org)

Figure 5. View of the La Plante dam (GoogleEarth)

Figure 6. Transversal view of the gates in place on the Meuse River with upstream and downstream channel
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Analysis of historical discharges and gate openings at the dam of La Plante showed that the maximum
discharge occurring for a flow over the flap gate is about 300 m³/s. Above this value and to control the
upstream level at a threshold of navigability, the radial gate starts opening and the water flows both over
the flap gate and below the radial gate. When the discharge reaches 500 m³/s, there is no more flow over
the flap gate, and the whole discharge flows below the radial gate only. For discharges higher than
800 m³/s, the radial gate is completely open resulting in an uncontrolled flow through the dam.

Figure 7. Experimental set-up

Using the Froude similitude to design the scale model, the scale factor for the discharge is Q = 2.5. As
the width of the prototype gate is 22.5 m, our physical model that is 0.495 m wide only represents a
12.375 m wide portion of the real gate. Accounting for the fact that the actual dam is composed of 4
gates, the scaled discharges are provided in Table 1. In the present study, we will focus on flow over the
flap gate only, i.e. discharges up to 13.2 l/s in the scale model (300 m³/s in prototype).
The flume is equipped with 4 ultrasonic probes to measure the water level. The probes are located as
indicated in Figure 7 at distances upstream and downstream from the gate equal to at least 3 times the
maximum water depth in the channel. The discharge is obtained by an electromagnetic flow meter
(ABB).
Table 1. Discharge ranges in the prototype and in the scale model
_________________________________________________________
Qmodel (l/s)
Type of flow
Qprototype (m³/s)
_________________________________________________________
Flow over the gate only
0 – 300
0 – 13.2
Flow over and under the gate
300 – 500
13.2 - 22
Flow under the gate only
500 – 800
22 – 32.5
Uncontrolled
flow
800
and
higher
32.5
and higher
_________________________________________________________
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4 EXPERIMENTAL RESULTS
The experiments were conducted for 6 positions of the gate. The geometrical parameters are summarized
in Table 2.

Figure 8. Sketch of the experimental set-up with geometrical parameters
Table 2. Geometrical parameters of the experimentation as shown in Figure 8.
______________________________________________________
r (m)
Dz (m)
L (m)
Position
θ (°)
w† (m)
______________________________________________________
A*
-33.36
0.142
0.180 0.0231
0.495
B
-19.89
0.148
0.180 0.0231
0.495
C
-5.97
0.164
0.180 0.0231
0.495
D
13.64
0.198
0.180 0.0231
0.495
E
35.57
0.228
0.180 0.0231
0.495
F
65.24
0.248
0.180
0.0231
0.495
______________________________________________________
* Lower position of the gate, w† is the position of the highest point above the gate toe level
(lip of the gate in case of a positive θ, crest otherwise)

For each position of the flap gate, experiments were conducted by varying the inflow discharge and the
upstream water level. The resulting measured discharges and water level were averaged over about 2000
values, acquired at a rate of 25 Hz. In order to compare the measured discharge coefficient with the prediction by the formula by Sinniger and Hager (1989), the measurements were grouped by ranges of H / r,
as illustrated in Figure 9. For each range of considered values of H / r, the curves by equations (6) are indicated, together with the measured discharge coefficients (equations 4-5).
It can be observed that the general trend is well reproduced in the experiments; however the theoretical
model overestimates the discharge coefficient. It should be noted that equations (6) are only valid for flap
angles larger than -20°, while in our experiments the lowest angle was -33.36°.
The general trend given by both the empirical model (6) and the experimental results is an increase of
µ with increasing H / r. For angles of the flap gate below θmax (θmax is between 25° and 28° depending on
H / r), the difference between measured and predicted discharge coefficient is larger than for value of the
angle above θmax. For angles above θmax, this difference significantly reduces. For instance for
H / r < 0.15, the theoretical value of µ overestimates on average for the 2 results above θmax the experimental value of µ by 5% while for the 4 results below θmax we have an average overestimation of 25%. It
must be noted that this difference of overestimation of µ, between value of the angle above and below
θmax is reducing for increasing H / r. For instance for H / r between 0.28 and 0.33, the average overestimation of µ for angles above θmax is about 2 % while it is now 11% for angles below θmax.
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Figure 9. Discharge coefficient vs. θ (angle between the horizontal and the tangent to the downstream lip of the gate).
For H/r > 0.33 the measurement was not possible at θ = 65.24° due to too high upstream level compared to the channel design.

In order to analyze in greater detail the influence of gate flat position, the computed discharge coefficients from experimental results are compared to the models by Sinniger and Hager (1989), i.e. equations
(6), Novak (1996) and Naudasher (1991). Figure 10 presents these comparisons for each position θ of the
flap gate. The results obtained with the model proposed by Chow (1959) are very similar to those obtained with the model of Naudasher (1991) and were thus not included herein (i.e. the maximum differences on µ between both models is about 0.25 %).
The discharge coefficient in the formulae by Chow (1959), Novak (1996) and Naudasher (1991) do
not depend on the flap angle. However, the experimental measurements clearly show a dependence on
this angle, as already outlined before. This trend is well reproduced by the model of Sinniger and Hager
(1989) that overestimates the discharge coefficient. For negative angles, the increase of with the upstream head represented by the ratio H / r is more influential than for higher angles of the flap gate. For
high angles (above θmax), the flap gate is closer to vertical. In this configuration, the radial gate and the
flap are nearly aligned and the geometry of the entire gate is closer to that of a classical radial gate without a flap. This may explain why for the highest angle (θ = 65.24°), the experimental results are in better
agreement with the models by Novak (1996) and Naudasher (1991) than for lower position of the flap.
It should be noted that the best agreement is obtained with the formula by Sinniger and Hager (1989).
For lower angles of the flap (below θmax), the measurements tend to follow the formula by Sinniger and
Hager (1989), but less closely. Also it can be noted that for higher values of H / r, the agreement between
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the experimental measurements and the predictions by means of the Sinniger and Hager (1989) formula
improves.
0.5

0.5

θ = -33.36°

µ (-)
0.45

0.45

0.4

0.4
Exp
Novak
Naudascher

0.35
0.3
0
0.5

0.1

0.2

0.3

0.4

H/r

0.3

0.5

0

0.4

0.4
Exp
Sinniger & Hager
Novak
Naudascher

0.35
0.3

0.4

H/r

0.5

0.2

0.3

0.4

H/r

θ = 13.94°

0.5

0

µ (-)

µ (-)

0.45

0.45

0.4

0.4
Exp
Sinniger & Hager
Novak
Naudascher

0.35
θ = 35.57°
0.3
0.2

0.3

0.4

H/r

Exp
Sinniger & Hager
Novak
Naudascher

0.3
0.5

0.1

0.3

0.35

0.5

0

0.2

µ (-)
0.45

0.1

0.1

0.5

0.45

0

Exp
Sinniger & Hager
Novak
Naudascher

0.35

θ = -5.97°

µ (-)

θ = -19.89°

µ (-)

0.1

0.2

0.3

θ = 65.24°
0.3
0

0.1

H/r

0.5

Exp
Sinniger & Hager
Novak
Naudascher

0.35

0.5

0.4

0.2

0.3

0.4

H/r

0.5

Figure 10. Discharge coefficient vs. upstream head

5 CONCLUSIONS
Experiments of flow over a radial gate equipped with a flap gate were presented. These experiments were
conducted with the following objectives: (i) reproduce at a smaller scale a real gate at dams on the River
Meuse in Belgium, and (ii) check the applicability of published empirical models to predict the discharge
over such a gate. In the experiments, six positions of the flap gate were considered, and for each position,
measurements were obtained for about five values of the discharges.
Among the existing formulae in the literature, the one proposed by Sinniger and Hager (1989) for
drum gates appeared as the best suited, as it is the only one to the knowledge of the authors to account for
a variable inclination of the flap gate. However, the comparisons between this model and the experiments
showed that it is not completely adapted to our gate. Indeed, the formula always over-predicted the discharge coefficient. The reasons for these observed discrepancies could be the following. First, this formula was initially developed for drum gates that also present a variable angle. In the present case, we
consider a radial gate with a flap gate. The approach flow might contribute to discrepencies, especially
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for low values of the flap angle. Another possible reason could be some local head losses arising from the
scaled model.
Future work will be conducted by first carefully checking the scale model, then carrying out more experiments to complete the set of experimental points. Especially, it will be checked if for low angles,
close to the θmin value of Sinniger and Hager (1989), a minimum of the discharge coefficient exists. Then,
from this more complete set of experimental data, a new model for radial gates with flap gates could be
developed.
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NOTATION
Q

Q
C
L
H
θ
r
g

e
t

scaling factor for distance
scaling factor for discharge
Discharge
Coefficient of discharge in ft1/2.s-1
Width of the channel
Total head over the maximum point of the gate
Angle of the tangent to the downstream lip of the gate with the horizontal
Radius of the gate (top mobile part)
Gravity acceleration
Discharge coefficient (dimensionless)
Experimental discharge coefficient (dimensionless)
Theoretical discharge coefficient (dimensionless)
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Table 1. Characteristic levels for FCA-CRT Lippenbroek.
FCA-CRT Lippenbroek
Ring dike
Crest level
+8.35 m TAW
Levee
Crest level
+8.00 m TAW
Overflow dike Crest level
+6.80 m TAW
Inlet sluice
Level of culvert ceiling
+5.90 m TAW
Crest level of stop log weirs +5.30/+5.00/+4.70 m TAW
Level of culvert floor
+4.00 m TAW
Outlet sluice
Level of culvert ceiling
+3.00 m TAW
Level of culvert floor
+1.50 m TAW
Polder
Mean elevation
+2.6 m TAW

Tidal river characteristics
mean high tide +6.0 m TAW (spring tide)
+5.6 m TAW (mean tide)
+5.1 m TAW (neap tide)
mean low tide +0.1 m TAW (spring tide)
+0.3m TAW (mean tide)
+0.5 m TAW (neap tide)

Table 2. Characteristic culvert dimensions for sluices of FCA-CRT Lippenbroek.
Inlet sluice
Outlet sluice
Number of culverts 3
Number of culverts 1
Culvert width
1.00 m
Culvert width
1.50 m
Culvert height
1.90 m
Culvert height
1.50 m
Culvert length
ca. 13 m Culvert length
ca. 40 m

The geometry of the inlet sluice is depicted in Figure 5. An inclined drop has been chosen to direct the
water inflow through the culverts into the Lippenbroek polder. Besides some orientating hydraulic calculations, no explicit reference was made to specific recommendations in (hydraulic) literature to select and
size this type of construction. Given the limited vertical drop height and inlet sluice dimensions in this pilot project, a (gently) sloping concrete slab of moderate size (without chute blocks and baffle blocks) was
just believed to be simple to construct and elegant to integrate in the landward slope of the dike (since
sidewalls protruding above the dike slope could be avoided).
The inclined slab has a slope of 13.5%, corresponding to a drop in height of 2.25 m over a horizontal
distance of 16.57 m. Due to diverging sidewalls (each having an angle of about 5° with respect to the longitudinal axis of the slab), the slab width varies from 4 m at the top to 7 m at the toe. The total area of the
slab is about 92 m².
At the toe of the drop, a stilling basin has been constructed. It consists of a horizontal concrete slab
(with a small end sill), surrounded by gabions. The sizing of the slab has been based on calculations of the
hydraulic jump during various tidal cycles in the river, taking into account the time evolution of the tail
water depths in the polder. The maximum Scheldt level considered during these design calculations was
at mean spring tide (+6.0 m TAW, Table 1), corresponding to an estimated total discharge of 6.5 m³/s, i.e.
a specific discharge at the top of the inclined drop of 1.6 m³/s/m. The latter value has been confirmed by
discharge measurements on site in Lippenbroek (Peeters et al., 2009). The resulting length of the concrete
slab is about 7 m. Combined with a width of 15 m, yields a slab surface of about 100 m².
Note that the construction occasionally also operates under much higher water levels in the river,
hence much higher specific discharges. For a Scheldt level of +6.8 m TAW– i.e. the crest level of the
FCA overflow dike, which is exceeded on average once or twice a year – the specific discharge is estimated (based on a culvert formula, validated by scale model tests) to be 3.1 m³/s/m. No stability issues
regarding possible erosion downstream of the stilling basin were raised:
(i)
Given the limited surface of the polder and its specific topography, high inflow discharges result
in rapidly increasing tail water depths, hence limited duration of exposure to non-protected parts
of the inlet basin and shifting of the hydraulic jump in the direction of the inclined drop.
(ii)
Because the inlet sluice construction was completely surrounded by sheet pile walls, the structural
engineers did not consider the potential erosion to be harmful for the stability of the construction.
(iii) The location of the potential erosion was considered to be sufficiently far from the landward slope
of the neighboring dike sections.
(iv)
Regular monitoring in the FCA-CRT was planned and, if needed, the authorities in charge of the
FCA-CRT were ready to restore and/or increase additional erosion measures such as gabions.
(v)
The ecological engineers are in favor of hydraulic conditions that stimulate the morphodynamic
evolution (creek formation) of the polder (as long as the constructional stability of sluice and dike
are not at stake, of course).
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The geometry of the inlet sluice is sketched in Figure 8. Note that instead of an inclined drop (like the
FCA-CRT Lippenbroek), a stepped cascade was chosen to direct the water inflow through the culverts into the Kruibeke polder. Several considerations motivated this choice:
(i)
The drop height between the floor level of the inlet culverts and the mean elevation of the polder
is much higher at Kruibeke (2.9 m) as compared to Lippenbroek (1.4 m).
(ii)
The total width of the inlet sluice is much larger in Kruibeke (ca. 51 m) as compared to Lippenbroek (4 to 7 m). The construction of an inclined slab of such a size is more difficult.
(iii) The water board in charge of the FCA-CRT decided to change the design conditions. Before, it
was assumed that the inlet culverts would be closed manually (e.g. by closing a slide gate in each
inlet culvert) prior to early flood warnings that predicted overtopping of the overflow dike. This
measure was intended to maximize the storage capacity available in the FCA for storm surge mitigation. After the decision of the water board, it could no longer be assumed that the inlet culverts
would be closed in such circumstances. Hence, the design Scheldt level could be higher than the
crest level of the FCA overflow dike (+ 6.8 m TAW).
(iv)
The surface of the FCA-CRT Kruibeke (200 ha) is much larger than FCA-CRT Lippenbroek (10
ha) and additionally, the topography at Kruibeke gives rise to a slow increase of the tail water
depths in the polder in response to water inflow.
(v)
During the design of the inlet sluice at Kruibeke fish migration was of much more concern than
during the (earlier) design at Lippenbroek. Therefore, a pooled step cascade was selected, since
this type of construction was considered to be less harmful for fish migrating towards the polder
through the inlet sluice culverts.
(vi)
The extra aeration that a cascade was likely to produce (as compared to an inclined drop) was considered to be an ecological asset.
The cascade consists of three steps, the dimensions of which are presented in Table 5 and Figure 8. Every
step has an end sill, turning the construction into a pooled step cascade. To protect fish migrating from the
river into the polder via the inlet sluice, the ecological engineers required the height of the end sill, i.e. the
pool depth, to be at least one third of the drop height between consecutive steps.

Figure 8. Sketch of inlet sluice for FCA-CRT Kruibeke.

During the design, Scheldt levels up to +8.0 m TAW have been considered, i.e. levels that are significantly above the crest level of the FCA overflow dike (+6.8 m TAW). Such high levels – though accompanied
by relatively high tail water depths due to the preceding filling of the polder – still might give rise to supercritical flow above parts of the inlet sluice construction. The specific discharge (estimated with culvert
formulas, validated by scale model tests) and critical flow depth corresponding to various high tide levels
and crest levels of the stop log weirs are presented in Table 6.
The cascade has been dimensioned for nappe flow, based upon the guidelines in Chanson (2002 &
2004). These guidelines, however, are not valid for pooled step cascades, of which the hydrodynamics
was still poorly known at the time. Therefore, it was decided to test the design afterwards in a scale model
(scale 1:12) at Flanders Hydraulics Research (De Mulder et al., 2011).
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4 COMBINED INLET-OUTLET SLUICE WITH INTERNAL DROP STRUCTURE
Currently, several FCA-CRTs are under design, in which the inlet and outlet sluices are combined in one
single structure. A schematic view of such a construction is given in Figure 10. Note that the inlet culverts
are situated on top of the outlet culverts.
During inflow, water enters through the inlet culverts. The intake level can be adjusted by means of a
stop log weir. If needed, the amount of inflow can be further reduced by (partially) closing a slide gate in
some culverts.
During outflow, water is drained through the outlet culverts. The latter are equipped with flap gates at
the river side.

Figure 10. Schematic view of a combined inlet-outlet sluice (source: IMDC, 2008).

To dissipate the energy of the inflowing water, use is made of a vertical drop and a stilling basin. The
stilling basin is formed by lowering part of the floor slab of the outlet culvert. Typically, dimensions of
the stilling basin are based upon formulas in Chow (1982), French (1986), Sinniger & Hagen (1989) and
Ritzema (1994).
The combined inlet-outlet sluice is believed to offer some important advantages both from the structural and the ecological point of view:
(i)
reduction of construction and maintenance costs (only one foundation is needed; less concrete),
(ii)
the inflow and outflow hydro- and morphodynamics are concentrated in one place, which is favorable for:
o “natural” creek formation in the polder,
o the constructed creek at the riverside of the combined inlet-outlet sluices to remain at
depth,
(iii) reduced losses of tidal marshes along the river,
(iv)
reduced losses of available length for overflow dike.
The combined inlet-outlet structures which are currently under design, are meant for FCA-CRTs situated
at different locations in the estuary, involving different characteristics of polders and river tide. Moreover,
the desktop designs are made by distinct design teams. Hence, it is not surprising that a diversity of geometries are being proposed.
In order to identify possible flaws in the design and to support the optimization of the different combined inlet-outlet structures from the hydraulic point of view, an intensive physical model study (scale
1:8) has been initiated at Flanders Hydraulics Research. To allow different geometries to be tested consecutively in an efficient way, a flexible model set-up has been designed and built (Figure 11). Among
other things, the dimensions of the space available for the vertical drop and those of the stilling basin can
be easily modified.
Some results of the optimization of a first combined inlet-outlet sluice design are discussed in a companion paper by Vercruysse et al. (2013).
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Finally, it should be emphasized that the often tight time frame for design and construction, rarely allows a complete and in-depth hydraulic optimization study to be carried out.
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The characteristic culvert dimensions corresponding to the desktop design in Figure 5 are summarized in
Table 1.
Table 1. Characteristic culvert dimensions for FCA-CRT Bergenmeersen.
FCA-CRT Bergenmeersen
Outlet culverts
Inlet culverts
Number of culverts
6
Culvert width
3.0 m
Culvert height
1.6 m

Number of culverts
Culvert width
Culvert height

3
3.0 m
1.1 m

Note in Figure 5 that:
− The drop height from the floor level of the inlet culvert to the floor level of the stilling basin is 2.0 m.
− The brink of the inlet culvert floor slab where the water starts dropping vertically (further abbreviated
as: the brink), is used underneath (and in Figure 4) as a reference point to measure (horizontal) distances.
− The floor level of the stilling basin is proposed to be 0.50 m below the floor level of the outlet culvert.
At 5.0 m downstream of the brink, the 6 inlet culverts are combined into one stilling basin. The combined stilling basin has parallel (i.e. non-diverging) sidewalls, which end at 19.0 m downstream of the
brink (where they are attached to a wing wall).
− In the center of the construction, the concrete floor slab of the stilling basin ends at 9.3 m downstream
of the brink (though the slab is extended somewhat further downstream at the edges of the construction). Between 9.3 m and 23.4 m downstream of the brink bottom protection is provided by gabions.
To be able to relate some characteristic levels in the design of the FCA-CRT to the tidal characteristics of
the river Schelde near Bergenmeersen, Table 2 is provided.
Table 2. Characteristic levels for FCA-CRT Bergenmeersen.
FCA-CRT Bergenmeersen
Ring dike
Crest level
+8.00 m AD
Levee
Crest level
+8.00 m AD
Overflow dike Crest level
+6.40 m AD
Inlet culverts

Tidal river characteristics
MHW
+6.2 m AD (extreme spring)
+5.3 m AD (spring)
+5.0 m AD (mean)
+4.7 m AD (neap)
MLW
+2.2 m AD (spring)
+2.1 m AD (mean)
+2.0 m AD (neap)

Level of culvert ceiling
+5.80 m AD
Crest level of stop log walls
+4.4 to +5.7 m AD*
Level of culvert floor
+4.20 m AD
Outlet culverts Level of culvert ceiling
+3.80 m AD
Level of culvert floor
+2.70 m AD
Polder
Mean elevation
+3.7 m AD
* Range of stop log crest levels considered during design. Levels to be tuned when FCA-CRT is in operation.

The extreme spring tide referred to in Table 2, is defined as the level which is exceeded on average three
times per year. Knowing that the corresponding water level is +6.2 m AD, this means that in such conditions the water level in the Schelde is 2.0 m above the floor of the inlet culvert. Similarly, from Table 2
and Figure 5 can be found that the water level in the Schelde is 1.1 m above the floor of the inlet culvert
at mean spring tide. The corresponding specific discharges are equal to be 4.4 m³/s/m (extreme spring
tide) and 1.8 m³/s/m (mean spring tide).
4 PHYSICAL SCALE MODEL
Both the agency and the consulting engineers preferred the desktop design (Figure 5) to be tested in a
scale model, before the design would be approved for construction. Therefore, a physical model study
was initiated at Flanders Hydraulics Research.
Because several designs of combined inlet-outlet sluices for other FCA-CRTs than Bergenmeersen are
coming up in near future, the idea was to setup a flexible scale model in order to test different designs
consecutively without major intermediate model (re)construction efforts. Moreover, the scale model setup
should also allow the identification of possible flaws with and an optimization of a design.
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To this end, the geometry of the design is somewhat simplified. Basically, a so-called 2DV model is
aimed at, with a geometrical scale 1:8 for the vertical and longitudinal dimensions. The lateral direction is
not relevant in a 2DV model. The model is built in a narrowed section of the large flow flume at Flanders
Hydraulics Research. This flow flume has a length of 57.0 m, a width of 2.40 m, a height of 1.40 m and a
maximum discharge of approximately 0.4 m3/s. The dimensions of the narrowed section are: a length of
15.0 m, a width of 0.56 m and a height of 1.0 m. In order to allow an optimal visualisation of the flow
patterns, one side of the narrowed channel is transparent. By means of exchangeable plates fixed on movable mechanical lifts, a wide range of geometrical arrangements can be addressed (Figure 6). Aeration of
the falling jet is provided by two tubes mounted under the ceiling of the outlet culvert in the model. These
tubes are in connection with the atmospheric pressure. The aeration method to be applied in the prototype
has not been decided yet.

Figure 6. Possible adjustments scale model geometry.

The following measurement equipment is used in the physical model study:
− 2 electronic floaters to measure the water level upstream and downstream of the narrowed model section,
− 4 wave height meters to measure the water level on 4 locations in the model section,
− 3 electromagnetic discharge meters on the supply conduits,
− 2 electromagnetic velocimeters to measure a point velocity in the stilling basin.
Besides the electronic registrations, also visual registrations are carried out:
− drop length,
− end of the hydraulic jump,
− water level in the outlet culvert.
5 EXPERIMENTS
This section of the paper presents scale model results for the combined inlet-outlet sluice which has been
designed for FCA-CRT Bergenmeersen The main focus was on inflows into the FCA-CRT, since these
require most energy to be dissipated. Moreover, fixing the location of the hydraulic jump (downstream of
the vertical drop) in the stilling basin for the combinations of water levels in the FCA-CRT (further abbreviated to: CRT level) and given water levels in the river Schelde (further abbreviated to: Schelde level)
is looked at. When the hydraulic jump can be located above the concrete slab of the stilling basin, the velocity above the bottom protection (gabions) downstream of the slab will be limited and erosion downstream of the construction will be limited.
First the results of the desktop design will be presented. Then the results of some optimization efforts
will be presented. Most of these experiments have been carried out with aeration of the falling jet in the
vertical drop, though some comparative measurements without aeration did not show noticeable differences as far as the hydraulic jump is concerned.
5.1 Desktop design
The first geometry tested was the (original) desktop design. Figure 7 presents the flow pattern in the
stilling basin with a Schelde level of + 6.20 m AD (this is an extreme spring tide with an occurrence of
approximately three times a year) and three different levels in the CRT.
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whole area, therefore it is permitted that the height is above the floor level of the outlet culvert. Figure 16
presents the flow pattern for baffle blocks with a height of 0.50 m, a CRT level of + 4.45 m AD and a
Schelde level of + 6.20 m AD.

Figure 16. Flow pattern in stilling basin (CRT level + 4.45 m AD / Schelde level + 6.20 m AD)
Left : desktop design ; Right : baffle blocks with height 0.50 m at 5.0 m downstream of the drop.

When using baffle blocks, the hydraulic energy is partly dissipated. For this configuration the jump starts
at a lower conjugate CRT level. It is also noticed that baffle blocks result in a greater energy dissipation
when compared to a baffle beam. The aforementioned unstable flow pattern with the baffle beam was not
noticed. Figure 17 left presents the near bottom velocity after the drop in function of the CRT level with a
Schelde level of + 6.20 m AD when baffle blocks with height 0.50 m are placed at 5.0 m downstream of
the drop. Because the transformation is not a clear hydraulic jump, the near bottom velocity is also given
at 7.5 m and 12.0 m downstream of the drop. Figure 17 right presents the influence of baffle blocks with
height 0.50 m and 0.75 m on the conjugate CRT level as a function of the Schelde level. According to
Thompson & Kilgore (2006) the conjugate CRT level can be reduced to 85 % when using baffle blocks.
In Figure 17 right a line is plotted indicating 85% of the conjugate CRT level calculated with the Bélanger equation.

Figure 17. Left: Near bottom velocity in function of the CRT level with a Schelde level + 6.20 m AD at x=7.5 m, 10.0 m and
12.0 m downstream of the drop when using baffle blocks with height 0.50 m at 5.0 m after the drop (notice that the velocimeter
is limited to 7 m/s) ; Right: Comparison of predicted CRT levels during operation with the conjugate CRT level when using
baffle blocks.

In Figure 17 left it should be noticed that the near bottom velocity decreases for the full range of Schelde
levels when using baffle blocks. If the representative velocity for the desktop design is used to determine
the effectiveness, it can be stated that baffle blocks reduce the conjugate CRT level by 0.4 m. Similarly to
the case of one baffle beam, a rise in near bottom velocity is noticed for CRT levels from + 5.0 m AD.
Figure 17 right shows that baffle blocks reduce the conjugate CRT level over the full range of Schelde
levels. The effect of baffle blocks with height 0.50 m and 0.75 m on the conjugate CRT level is similar.
The conjugate CRT level at the design discharge of the baffle blocks (corresponding to a Schelde level of
+ 6.20 m AD) is approximately 15 % lower than the value for a normal hydraulic jump without baffle
blocks.
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6 CONCLUSION
Within the framework of the Sigmaplan, different flood control areas with controlled reduced tide (FCACRTs) are being setup along the Schelde estuary. To introduce the reduced tide in the polder, simple inlet
and outlet sluices are relied upon. Most recently, combined inlet-outlet sluices are being advocated. In
such structures the inlet culverts are on top of the outlet culverts. During inflow, a falling jet drops from
the floor slab of the inlet culvert and plunges into a stilling basin. The energy of the plunging jet is additionally dissipated by means of a hydraulic jump.
In this paper, a physical model study is described to test a desktop design of such a structure for a specific case, i.e. FCA-CRT Bergenmeersen. The desktop design turns out to be satisfactory. Yet, at inflow
discharges corresponding to an extreme spring tide (i.e. a Schelde level of +6.20 m AD which is exceeded
on average three times per year), there is only a small margin in terms of fixing the location of the hydraulic jump above the concrete slab of the stilling basin. Therefore, some optimization efforts have been
carried out to increase that margin, by adding some obstacles in the stilling basin or by modifying the basin geometry: (i) adding a gabion sill, (ii) deepening the stilling basin, (iii) adding a baffle beam and (iv)
adding baffle blocks.
It turned out that adding a gabion sill does not increase the margin at extreme spring tide levels. Deepening the stilling basin increases the margin over the full range of Schelde levels (but this design modification is not applicable in practice, since the preparatory work for the construction of the prototype is in a
too advanced stage). The same goes for adding a baffle beam, though in some range of CRT levels (i.e.
tailwater depths) an unstable flow pattern was observed. The use of baffle blocks gives the best results for
fixing the location of the hydraulic jump and no unstable flow patterns are observed.
For the designs with a non-obstructed hydraulic jump (i.e. a design without sill, beams, blocks, …),
there was a good correlation between the literature formulae and the scale model results. Peterka (1984)
and Thompson & Kilgore (2006) present formulae for dimensioning baffle blocks and state that when using baffle blocks (according to this formulae) the conjugate CRT level may be lowered to 85 %. This was
– for the design discharge of the baffle blocks – confirmed by the scale model results.
Notwithstanding the abovementioned optimization efforts, it was decided by the agency to retain the
original desktop design. This decision was motivated by the fact that the predicted CRT levels do (though
marginally) exceed the conjugate CRT level and the preparation of the construction in the field was already in an advanced stage. In addition, the agency reckoned that - if during operation of the FCA-CRT
unacceptable circumstances would be encountered - there are still means to elegantly modify the stilling
basin geometry without major constructional efforts. Adding a baffle beam in the stop log recesses seems
to be the most likely solution.
Of course, the lessons learned from the abovementioned optimization efforts will be taken into account
for the design of the upcoming FCA-CRT projects.
NOTATION
Y1
Y2
Fr1
q
g
Δz

Water level upstream of hydraulic jump [m]
Conjugate water level downstream of hydraulic jump [m]
Froude number upstream of hydraulic jump [-]
Discharge per unit width [m2/s]
Gravity acceleration [m/s2]
Drop height [m]
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ABSTRACT: In this mainly experimental and also computational study, the various water flow
characteristics of submerged sluice gate outflows within a sloped (angle φ) open channel are measured,
analyzed, presented and discussed-in a suitable two parametric evaluation. A special dimensionless (A)
parameter is examined as function both of φ and a suitable Froude number. In a similar way, the
discharge coefficient is investigated as a function of φ and a parameter D corresponding to the
dimensionless small difference of depths (upstream, downstream). The authors believe that the present
results may help the hydraulic engineer when dealing with sluice gate submerged underflows within
sloped open channel.
Keywords: Sluice Gates’ Submerged Flows, Sloped Channels

1 INTRODUCTION
The steady turbulent water flow under a sharp edged sluice gate and subsequent downstream water
flowing formations, belong to some of the most important low head hydraulic phenomena which are
appearing in practice within rectangular open channels. Depending on further downstream water flow
regulation, the flow beyond the sluice gate may permanently be free or submerged.
Fig.1 schematically shows the general flow case, where the free surface water channel is inclined
(angle φ, Jo=sinφ) and includes a discharge measuring hydraulic structure, i.e. a sluice gate perpendicular
to the channel floor-which has the same width as the channel-with a lower aperture b and a downstream
regulating gate.
The water free surface profile is gradually varied upstream, and horizontal-beyond a depth d3downstream. The water discharge per unit channel width is q, the most important cross sections are 1
(water depth d1) and 3 (depth d3) with d1≥d3, while a significant role play the free flow depth d2 (when the
regulating gate is fully opened) and depth ds-when the regulating gate is closed enough. All depths are
perpendicular to the floor, while when ds is larger than d2 the entire flow is "submerged", a hydraulic
phenomenon which may due not only to a regulating gate but even to a downstream obstacle.
Furthermore depths d1 are taken at a sufficient distance from the sluice gate. Then head of the flow is the
small difference between water levels upstream and downstream of the sluice gate.
In case of submerged flow an inner water flow region is created, the recirculating roller, within which
the local total discharge is zero, while this roller contributes with its weight in increasing the underflow
local pressures. In cross sections 1 and 3 the local pressures are generally considered as hydrostatically
distributed.
The onedimensional equations (per unit channel width) between sections 1 and 3 along the flow, are
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In this investigation the discharge is expressed through the well known equation,
q=cd·b·[2·g·(d1-d3)]1/2=cd·b3/2·[2·g·{(d1-d3)/b}]1/2,
where cd is a function of angle φ and (d1-d3)/b,
cd=f´[φ, (d1-d3)/b].
Since q, b, d1, d3, are measured in the laboratory cd may determined and correlated to angles φ and (d1d3)/b.
When d3→d2 (free flow) then q is larger than in the case d3≠0 (submerged flow) and this is natural
because of the smaller water mass over the free flow. This means that for (φ, d1)=const. and decreasing d3
(or increasing d1-d3) the discharging outflow is expected to increase. Also it should be noted, that at cross
section 2 the upper stream line of the free flow coincides with the lower limit of the roller-along a small
length from sluice gate aperture.
2 PREVIOUS WORKS
The basic elements of the water flow under a vertical sluice gate within an horizontal open channel may
be found in Chow’s, (1959), or Henderson’s (1966), books, or in the papers by Covinda et. al. (1963), and
Pajer (1937). Retsinis (2003), has performed a large number of measurements on sluice gate underflows
within a sloped open channel.
Demetriou (2006), Dimitriou et. al. (2010), Retsinis et. al. (2004), and (2005), and Demetriou et. al.
(2006), have also presented their investigations on sluice gate underflows within sloped open channels.
Finally Demetriou (2007), has measured the contraction coefficient for free flows under sluice gates
within inclined open channels.
3 THE EXPERIMENTAL MESUREMENTS
All experimental measurements were performed in a small tilting perspex channel. The discharges were
volumetrically measured, the depths were determined with accurate level gauges, while the Reynolds
numbers were large enough. Angles φ were 0o-1o-2o-3o-4o-5o-6o, while the apertures b varied between 3
cm and 5 cm. When measuring various flow properties it is obvious that they are affected by existing
quantities which are included in a phenomenon (water weights, exercised forces, e.t.c.).
In the following Tables 1, 3, all final experimental results are presented, after rejecting some erroneous
measurements.
4 RESULTS. ANALYSIS AND DISCUSSION
Table 1 presents A measured values-vs angles φ and Fr3. Based on these values eq. (5) is expressed, from
which A predicted values are resulting and put also in Table 1, showing a good agreement to A measured
values, i.e. eq.(5) is a correct equation, since both groups of A are practically coinciding.
Table 1. A vs angles φ and Fr3.
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The correlation coefficient is r2=0.9999.
The maximum difference between A
measured and predicted, is less than ±1%.

Based on the above measured values and a computer program the following accurate equation may be
determined (φ in degrees):
A=a1+b1·φ+c1·Fr3+d1·φ2+e1·𝐹𝑟32 +f1·φ·Fr3+g1·φ3+h1·𝐹𝑟33 +i1·φ·𝐹𝑟32 +j1·φ2·Fr3, (5)

where a1, b1, c1, d1, e1, f1, g1, h1, i1, j1, arithmetic coefficients given in Table 2. Eq. (5) holds for 0o≤φ≤6o
and 0.06≤Fr3≤0.46.
Table 2. Arithmetic Coefficients for eq. (5).
a1
b1
c1
d1
e1
f1
g1
h1
i1
j1
0.001401 0.004750 -0.179177 -0.001550 3.250996 0.076825 -0.000015 -2.866600 0.075774 0.025879

All predicted A values from eq. (5) and Table 2 are also shown in Table 1.
Based on eq. (5) and Table 2, Fig. 2 presents an iso-A diagram for 0.05≤A≤0.75 with an A step of 0.05.
When angle φ=const. A are strongly increasing with Fr3, while for Fr3=const. A are smoothly increasing
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0.450

0

1.787

0.445

0.452

0.313

0

1.840

0.449

0.453

0.314

0.313

0

3.116

0.482

0.488

0.288

0.318

0.316

0

4.964

0.515

0.514

4

0.303

0.315

0.317

4

0.306

0.316

0.317

4

0.459

0.321

0.322

4

0.609

0.331

0.325

4

0.707

0.329

0.326

4

1.440

0.327

0.332

4

1.510

0.331

0.333

4

1.640

0.337

0.334

3

1.030

0.355

0.358

3

1.088

0.358

0.359

3

1.152

0.357

0.359

3

1.682

0.357

0.364

3

1.726

0.364

0.364

3

2.930

0.389

0.395

2

0.138

0.400

0.404

2

0.493

0.413

0.418

2

0.517

0.418

0.418

φο

D

φο

4

0.125

1

4

0.197

0.311

0.312

0

4

0.203

0.310

0.312

4

0.215

0.319

4

0.226

4
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The correlation coefficient is r2=0.9968.
The maximum difference between cd, measured
and predicted, is ±2%.

Based on the measured cd values and a computer program the following equation may be determined (φ in
degrees),
cd=a2+b2·φ+c2·φ2+d2·φ3+e2·φ4+f2·φ5+g2·D+h2·D2+i2·D3+j2·D4+k2·D5,

(6)

where a2, b2, c2, d2, e2, f2, g2, h2, i2, j2, k2, arithmetic coefficients given in Table 4.
Table 4. Arithmetic Coefficients for eq. (6).
a2

b2

c2

d2

e2

f2

g2

h2

i2

j2

k2

0.412176 -0.09631 0.168171 -0.09995 0.021977 -0.00160 0.081869 -0.07922 0.035335 -0.00638 0.000399

Eq. (6) holds for 0o≤φ≤6o and 0.07≤D≤7.07 and may apply for any intermediate angle φ and D parameter.
Based on eq. (6) and Table 4, Fig. 3 shows an iso-cd diagram for 0.30≤cd≤0.62 with a step of 0.02.
When angle φ=const., in general cd are rapidly increasing with D, while when D=const. cd are strongly
decreasing with increasing angle φ, i.e. cd is really depending on both φ and D. For φ=0ο and increasing D
values, cd varies between ~0.42 and ~0.64.
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Flat and Pooled Stepped Spillways for Overflow Weirs and
Embankments: Cavity Flow Processes, Flow Aeration and Energy
Dissipation
P. Guenther, S. Felder & H. Chanson

The University of Queensland, School of Civil Engineering, Brisbane QLD 4072, Australia

ABSTRACT: For overflow weirs and embankments, the stepped chute profile may increase the rate of
energy dissipation on the waterway. Herein four different stepped chute configurations were tested with a
focus on the cavity flow processes, flow aeration and energy dissipation performances. Detailed flow visualisations and air-water flow measurements were conducted for all configurations. The results highlighted the strong flow aeration. The residual energy was the lowest for the flat stepped weir. The data for the
stepped spillway configuration with in-line and staggered configurations of flat and pooled steps showed
large differences in terms of residual head in the transverse direction consistent with the threedimensional flow motion. The in-line and staggered configurations did not provide any advantageous performances in terms of energy dissipation and flow aeration, and they were affected by three-dimensional
patterns leading to some flow concentration.
Keywords: Stepped spillways, Weirs, Embankments, Flat steps, Pooled steps, Cavity ejection, Energy dissipation, Flow aeration, Residual head
1 INTRODUCTION
Worldwide the design floods of several reservoirs were re-evaluated and the revised spillway outflow was
typically larger than that used in the original design. The occurrence of these larger floods could result in
dam overtopping with catastrophic consequences when an insufficient storage or spillway capacity is
available. A number of overtopping protection systems were developed for embankments and earthfill
dams. These include concrete overtopping protection systems, timber cribs, sheet-piles, riprap and gabions, reinforced earth, minimum energy loss (MEL) weirs, embankment overflow stepped spillways and
the precast concrete block protection systems developed by the Russian engineers (ASCE 1994, Chanson
2009a). During the last three decades, a number of embankment dam stepped spillways were built with a
range of construction techniques, including gabions, reinforced earth, pre-cast concrete slabs and roller
compacted concrete (RCC) (Chanson 1995,2001). The stepped profile is designed to increase the rate of
energy dissipation on the chute (Chanson 2001, Ohtsu et al. 2004) and the design engineers must assess
accurately the turbulent kinetic energy dissipation above the steps, in particular for large discharges per
unit width corresponding to the skimming flow regime. A characteristic feature of skimming flows is the
high level of turbulence and free-surface aeration (Rajaratnam 1990, Peyras et al. 1992). The water flows
downs the steps as a coherent free-stream skimming over the pseudo-bottom formed by the step edges. In
the step cavities, the turbulent recirculation is maintained through the transmission of shear stress from
the free-stream. At the free-surface, air is continuously trapped and released, and the resulting two-phase
mixture interacts with the flow turbulence yielding some intricate air-water structure associated with
complicated energy dissipation mechanisms (Chanson & Toombes 2002, Gonzalez & Chanson 2008).
Although the prediction of the turbulent dissipation constitutes a critical design stage, the present literature is skewed towards steep slopes with flat horizontal steps, typical of modern gravity dams. In the
present study, new measurements were conducted in a large facility with a channel slope of 26.6º
(2H:1V) and step heights of 0.10 m. Four stepped geometries were tested: flat horizontal steps, pooled
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Figure 2. Photographs of the stepped configurations with in-line (Left) and staggered (Right) stepped arrangements - View
from upstream looking downstream

2.3 Experimental investigations
The experimental study was conducted for four stepped spillway configurations (Fig. 1 & 2). These were
a stepped spillway with flat horizontal steps, a pooled stepped spillway with weir height w = 0.031 m,
and two stepped spillways with in-line and staggered configurations of flat and pooled steps. The in-line
stepped spillway configuration consisted of pooled steps (w = 0.031 m) and flat steps in-line for half the
channel width (Ww = W/2 = 0.26 m). The staggered pooled stepped spillway configuration was characterised by alternating flat and pooled steps. On the flat and pooled stepped spillways, the air-water flow
measurements were conducted on the channel centreline. For the in-line and staggered configurations, the
measurements were performed at three transverse locations: z/W = 0.25, 0.5 (centreline) & 0.75.
The flow patterns were observed for a wide range of discharges 0.002 ≤ Q ≤ 0.155 m3/s. The air-water
flow measurements were performed for discharges within 0.013 ≤ Q ≤ 0.130 m3/s corresponding to
Reynolds numbers between 1×105 to 1×106. Most two-phase flow experiments were conducted in the
transition and skimming flow regimes.
3 FLOW PATTERNS
The visual investigations of the flow patterns included the observations of the air-water flow patterns for
all stepped spillway configurations for a broad range of discharges. For some low discharges, the airwater flows on the pooled stepped spillway exhibited some small instabilities linked with some pulsations
for small discharges. The flow processes on the stepped spillways with in-line and staggered configurations of flat and pooled steps showed some three-dimensional air-water flow features including standing
sidewall waves and supercritical shockwaves.
The flat stepped spillway showed some typical flow patterns with nappe (dc/h < 0.5), transition (0.5 <
dc/h < 0.9) and skimming flow (dc/h > 0.9) regimes depending upon the dimensionless flow rate dc/h,
where dc is the critical flow depth. Some similar flow regimes were observed on the pooled stepped
spillway (Fig. 3), although some pulsating flow was seen for some nappe flow rate. For the smallest flow
rates (dc/h < 0.45), a nappe flow regime was observed on the pooled stepped chute and the water discharged in a succession of free falling nappes from one step pool to the following. However, for 0.3 ≤
dc/h ≤ 0.45, a pulsating flow was observed in the first step cavity leading to some small instability of the
following free-falling nappes. The pulsations in the first step cavity were periodic and had a frequency of
about 1 Hz (1 s period) for dc/h = 0.3. These pulsations were seen about every 5 seconds for dc/h = 0.45.
The pulsating mechanism was comparable to the self-induced instabilities on pooled stepped spillways
with slopes θ = 8.9° & 30º (Thorwarth 2008, Felder & Chanson 2012, Takahashi et al. 2008). For intermediate flow rates 0.45 ≤ dc/h ≤ 0.97, a transition flow regime was observed with some strong splashing
in the air-water flow region downstream of the inception point of air-entrainment. For larger discharges
dc/h > 0.97, a skimming flow regime occurred with some stable recirculation motions in the step cavities
(Fig. 3, Right). At the upstream end of the chute, the flow was transparent (clear-waters) and the water
surface was parallel to the pseudo-bottom formed by the pool step weirs equivalent to skimming flows on
flat stepped spillways. The flow depth however was larger than on flat stepped chutes because of the pool
height. Downstream of the inception point of free-surface aeration, the flow was highly aerated.
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Figure 3. Skimming flow regime on flat and pooled stepped spillways - Left: flat steps, Q = 0.114 m3/s, dc/h = 1.7, Re =
8.8×105; Right: pooled steps, Q = 0.100 m3/s, dc/h = 1.56, Re = 7.7×105

Figure 4. Three-dimensionless flow down the in-line and staggered configurations of flat and pooled steps - Left: in-line configuration, Q = 0.098 m3/s, dc/h = 1.54, Re = 7.6×105; Right: staggered configuration, Q = 0.090 m3/s, dc/h = 1.45, Re =
6.9×105

Figure 5. Sketches of sidewall standing waves and shock waves in stepped chutes with inline (Left) and staggered (Right) configurations of flat and pooled steps

On the in-line and staggered configurations of flat and pooled steps, the flow was highly threedimensional (Fig. 4). Standing sidewall waves and shockwaves were observed along the sidewalls and on
channel centreline respectively (Fig. 5), and these instabilities were associated with some strong splashing. On the in-line configuration, the pool weirs induced larger air-water depths at the pooled side of the
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channel, and a faster flow motion was observed at the flat stepped side (Fig. 4, Left). The formation of
nappe, transition and skimming flows could be determined separately on both sides. For small flow rates
(dc/h < 0.46), a nappe flow regime was observed on both sides of the spillway chute with plunging jets
from step to step on the flat side and from pool to pool on the pooled side. Some transverse flow motions
as well as strong droplet ejections were seen along the entire channel length. With increasing discharges
(0.46 < dc/h < 0.57), the flow became more unstable: it was characterised by plunging jets interacting on
channel centreline together with a chaotic flow behaviour. The pools induced large flow disturbances and
some three-dimensional flow motion was observed. For 0.57 < dc/h < 0.86, a transition flow regime was
observed on both sides of the channel with some distinct droplet ejection downstream of the inception
point of aeration. Some transverse flow interactions took place on channel centreline and yielded some
three-dimensional flow motions along the entire channel. An intermediate flow regime (0.86 < dc/h <
1.03) was characterised by a skimming flow regime on the pooled stepped side, and some transition flow
on the flat stepped side of the spillway. Generally, the three-dimensional flow motion and flow disturbances caused by the pools became less significant with increasing discharges. For dc/h > 1.03, a skimming
flow was observed on both sides of the channel. The skimming flows showed some similarities to those
observed on the flat stepped and pooled stepped spillways (Fig. 4, Left). The flow showed comparatively
larger droplet ejections and the recirculation processes in the cavities appeared more irregular and disturbed compared to the uniform flat and pooled stepped spillways.
On the staggered stepped configuration, a nappe flow regime was observed at low flow rates (dc/h <
0.56). A wavy flow appearance from side to side was observed along the entire channel length. The jets
were highly aerated and showed some distinct plunge heights. For 0.56 < dc/h < 0.92, a transition flow
occurred along the stepped chute. Some jets plunged over each second adjacent step edge. The step cavities of both flat and pooled steps showed no air pockets. The air-water mixture was highly aerated, showing some pseudo-chaotic pattern and transverse interactions on the channel centreline. The waving appearance of the flow from side to side became less significant than in the nappe flow regime. For dc/h >
0.92, a skimming flow regime was observed (Fig. 4, Right). The recirculation in the step cavities was observed, although the recirculation processes were unsteady and disturbed by the staggered step configuration. The flow appeared highly aerated.
The stepped spillways with in-line and staggered configuration of flat and pooled steps showed some
irregular occurrence of standing sidewalls and shockwaves for all flow regimes. The sidewall standing
wave lengths and heights were comparable for both in-line and staggered configurations of flat and
pooled steps. With increasing discharges, both wave height and length became smaller. The shockwaves
occurred predominantly on the spillway centreline and the direction of the shockwaves differed between
adjacent steps depending upon the configuration (Fig. 5). Further informations on the flow instabilities
were reported by Felder et al. (2012).
4 CAVITY FLOW PROCESSES
On the flat and pooled stepped spillways, the cavity ejections were carefully observed. The recirculation
processes were documented for each step cavity at and downstream of the inception point of free surface
aeration. The clear-water surface upstream of the inception point appeared two-dimensional and parallel
to the pseudo-bottom formed by the step edges and pooled weir edges respectively. Close to the inception
point, the surface showed an irregular flapping mechanism which led to some waving behaviour. The surface tended to lean inward the cavity at irregular intervals and caused an air packet entrapment which was
advected in the form of smaller and uniform shaped bubbles within the step cavities (Fig. 6, Left). This
pattern was consistent with previous observations on stepped spillways (Chamani 2000, Chanson 2001,
Toombes & Chanson 2007). With increasing discharge, the flapping mechanism of the free-surface became less distinct. Visually the flow resistance caused by the next downstream step, or pool edge, yielded
some ejection processes close to the respective step or pool edge. Figure 6 illustrates the flapping mechanism and the cavity ejection processes on the flat and pooled stepped spillways. The cavity ejection processes were similar in appearance for the flat and pooled steps.
Basically the cavity recirculation observations highlighted some distinct ejection processes with inward and outward cavity flow motion. These occurred at irregular time intervals and led to some additional air entrainment. The ejections appeared to be sequential from upstream to downstream as illustrated
by Djenidi et al. (1999) and Chanson et al. (2002). On average, the data indicated a slight increase in cavity ejection rate with increasing downstream distance for a given flow rate (Fig. 7, Left). The results are
summarised in Figure 7 (Right) showing the median cavity ejection frequency as a function of the Rey81

nolds number. Indeed the ejection processes took place in regions of high shear stress where the Reynolds
number was closely linked to turbulence properties.

Figure 6. Sketch of cavity ejection processes on flat and pooled stepped spillways (θ = 26.6)
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Figure 7. Dimensionless cavity ejection frequency Fejdc/Vc on flat and pooled stepped spillways (θ = 26.6) - Left: Longitudinal distribution in skimming flow (dc/h = 1.45, Re=6.9×105); Right: median ejection frequency as a function of Reynolds
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The cavity ejection process in a skimming flow on stepped spillway may be analysed in term of energy
considerations, assuming that all the energy losses took place by viscous dissipation in the cavity, with
some energy exchange between the main stream and the recirculation by irregular fluid ejection. The results yielded an expression of the averaged ejection frequency Fej as a function of the Darcy-Weisbach
friction factor fe:
Fej  ( h  cos θ)
Uw

≈

fe
2λ η

(1)

where Uw = flow velocity, h = vertical step height, θ = angle between the pseudo-bottom formed by the
step edges and the horizontal, λ = ratio of average fluid ejection volume to total cavity volume, and η =
ratio of average ejection period to burst duration. Equation (1) was developed for a wide chute with flat
horizontal steps assuming a gradually-varied flow motion close to uniform equilibrium. The reasoning
may be extended to a pooled stepped chute:
Fej  ( h  cos θ)
Uw

≈

fe
w

2  λ  η  1 + 2  
h


(2)

where w = vertical pool height. Equation (2) is valid for a wide chute with horizontal steps and vertical
pool walls.
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Herein the average ejection period to burst duration was on average η ≈ 3.5. While the video analyses
did not provide accurate information about the average fluid ejection volume ratio, the combination of
flow resistance data and the above equations (1) and (2) would yield meaningless values of λ (i.e. λ > 1).
The result might suggest the over-simplification of Equations (1) and (2) to assume that “all the energy
losses took place by viscous dissipation in the cavity”.
5 AIR-WATER FLOW PROPERTIES
Detailed air-water flow measurements were performed for all four configurations. Overall the results
highlighted the intense flow aeration. Downstream of the inception of free-surface aeration, the entire water column including the step cavities were aerated (Fig. 8). Figure 8 shows some dimensionless distributions of void fraction for all four stepped configurations. In Figure 8, y is the distance normal to the pseudo-bottom formed by the step edges with y = 0 at the step edges for flat steps and y = 0 at the weir edge
for the pooled steps. The skimming flow data compared favourably with an analytical solution of the air
bubble diffusion equation:

y / Y90 y / Y90 − 1 / 33 
C = 1 − tanh 2  K '−
+


2
D
3  Do

o



(3)

where Y90 = characteristic distance where C = 0.90, and K', Do = dimensionless functions of the depthaveraged void fraction Cmean (Chanson and Toombes 2002). Equation (3) is compared with experimental
data in Figure 8.
Overall the void fraction data showed close results between flat and pooled steps within the main
stream (Fig. 8, Top left). In skimming flows, the depth-averaged void fraction ranged between 0.3 and
0.35 for both geometries. On the in-line configuration of flat and pooled steps, the measurements showed
some transverse differences (Fig. 8, Top right). The flow was significantly more aerated on the pooled
side (z/W = 0.25) as illustrated by the photographs (Fig. 4 Left). On the staggered configuration of flat
and pooled steps, the void fraction distributions were more uniformly distributed across the channel
width, although the alternation of flat and pooled steps every second step edge induced locally some
three-dimensional flow motion.
The interfacial velocity distributions (data not shown) exhibited a self-similar profile on both flat and
pooled stepped spillways:
V  y
=
V90  Y90





1/ N

V
=1
V90

y/Y90 < 1 (4a)
y/Y90 >1 (4b)

with V90 = characteristic velocity at y = Y90. The exact value of N varied slightly from one step to the
next step for a given flow rate with a typical value N = 10, while Kökpinar (2004) observed N = 6 on flat
and pooled stepped chutes (θ = 30).
On the in-line and staggered configurations of flat and pooled steps, the velocity distributions followed
closely Equation (4a) for y/Y90 < 1 at all transverse locations, but velocity data in the spray region incl.
y/Y90 > 1 were scattered. On the in-line configuration, the interfacial velocities were consistently larger
on the flat stepped side than on the pooled stepped side of the chute. Some transverse flow motion was
observed along the channel centreline with the staggered configuration of flat and pooled steps, leading to
an alternation of transverse flow direction between each step.
6 ENERGY DISSIPATION
The rate of energy dissipation above the stepped chute and the residual energy at the downstream end of
the stepped spillway are two key design parameters, especially for low-head weirs. In this study, the rate
of energy dissipation and the residual energy were estimated for all stepped spillway configurations based
upon the detailed air-water flow measurements. The residual head was estimated as:
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where d = equivalent clear water depth, q = water discharge per unit width, Uw = flow velocity (Uw = q/d)
and w = pool height (w = 0 for flat steps). On the in-line and staggered configurations of flat and pooled
steps, the residual head was averaged in the transverse direction (Felder et al. 2012).
For the 10-steps chute, the rate of energy dissipation ranged from 45% to 90%, with decreasing rate of
energy dissipation with increasing flow rate as previously observed by Chanson (1994) and Peruginelli
and Pagliara (2000). For the design engineers, however, the dimensionless residual head Hres/dc is a more
pertinent design parameter. Present results implied that the dimensionless residual head was about 2.5 ≤
Hres/dc ≤ 5 (Fig. 9). In Figure 9, the dimensionless residual head is shown as a function of the dimensionless discharge dc/h. The present data showed the smallest residual head for the flat stepped spillway: i.e.,
Hres/dc ≈ 3.1 on average in skimming flow. The residual head was larger on the pooled stepped spillway:
i.e., Hres/dc ≈ 3.7. For the stepped spillways with in-line and staggered configurations of flat and pooled
steps, larger residual head data were obtained, with some data scatter.
The data for the in-line and staggered configurations of flat and pooled steps must be considered with
care. The results shown in Figure 9 were transverse averaged. Locally the residual head could be signifi84

Hres/dc

cantly larger because of the three-dimensional flow motion. For example, on the in-line geometry, the
dimensionless residual head Hres/dc ranged from less than 2 to up to 17 locally, depending upon the transverse location and flow rate, while Hres/dc varied within a factor 2 across the last step for a given flow rate
on the staggered geometry.
Overall the present data (θ = 26.6) showed a larger rate of energy dissipation on the spillway with flat
horizontal steps compared to all the other configurations in the skimming flow regime. The result was
consistent with physical data down a 30 stepped chute (Kökpinar 2004), despite some quantitative difference in residual head levels with the present data (Fig. 9). The finding is contrary to observations on
smaller slopes on which the largest rate of energy dissipation was observed with the pooled stepped design (Thorwarth 2008). Herein the designs with in-line and staggered configurations of flat and pooled
steps did not provide any advantageous performances in terms of energy dissipation, while they were affected by flow instabilities and three-dimensional patterns leading to some flow concentration.
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7 CONCLUSION
A physical study was performed on flat and pooled stepped spillways for overflow weirs and embankments (θ = 26.6°). While different stepped chute configurations were tested, the focus of the study was on
the cavity flow processes, flow aeration and energy dissipation performances.
The flat stepped spillway showed some typical flow patterns with nappe, transition and skimming flow
regimes depending upon the flow rate. Some similar flow regimes were observed on the pooled stepped
spillway, although some pulsating flow was seen for some nappe flow rates associated with the downstream propagation of small instabilities. On the in-line and staggered configurations of flat and pooled
steps, the flow was highly three-dimensional. Standing sidewall waves and shockwaves were observed
along the sidewalls and on channel centreline respectively. These instabilities were instationary and associated with some strong splashing. Detailed air-water flow measurements were conducted downstream of
the inception point of free-surface aeration for all configurations. The results highlighted the strong flow
aeration. The residual head and energy dissipation rates at the stepped chute downstream end were calculated based upon the air-water flow properties. The results showed that the residual energy was the lowest
for the flat stepped weir. The data for the stepped spillway configuration with in-line and staggered configurations of flat and pooled steps showed large differences in terms of residual head in the transverse direction. Altogether the present study demonstrated that, on a 26.6 slope stepped chute, the designs with
in-line and staggered configurations of flat and pooled steps did not provide any advantageous performances in terms of energy dissipation and flow aeration, but they were affected by three-dimensional pat85

terns leading to some flow concentration. Another outcome is that some detailed physical investigations
for complex stepped spillway designs are strongly recommended before any implementation into a prototype environment.
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Air Entrainment and Energy Dissipation on Porous Pooled Stepped
Spillways
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ABSTRACT: The hydraulics of stepped spillways with flat steps is well documented and some design
guidelines exist for typical embankment dam slopes. On the other hand, alternative stepped designs are
poorly understood. In the present study, some porous pooled stepped spillways were investigated with
two different porosities of the pooled weir. The air-water flow patterns, air-water flow properties and the
energy dissipation rate were observed and compared to the corresponding flat and pooled stepped spillways. The comparative study highlighted a larger interfacial velocity for the pooled step configurations.
The largest residual energy at the downstream end was observed for the porous pooled steps which was
associated with reduced cavity recirculation and form drag. Overall the porous pooled stepped design exhibited some more stable flow patterns than the pooled stepped design, but it was characterised by a lesser rate of energy dissipation than the flat step design for the investigated slope (θ = 26.6).
Keywords: Stepped spillways, Porous pooled steps, Pooled steps, Flow aeration, Energy dissipation,
Flow resistance, Drag reduction
1 INTRODUCTION
Stepped spillways are an advantageous design for flood release facilities on embankment dam stepped
spillways and low head hydraulic structures. The steps act as large rough elements increasing the air entrainment and energy dissipation performances compared to smooth chutes (Chanson 2001). The stepped
spillway design is compatible with modern construction techniques including roller compacted concrete
(RCC) and gabions. Further its selection reduces the cavitation risk and no damage has been reported.
The stepped spillway design is often designed for skimming flows, and the aeration and energy dissipation performances are well documented for flat uniform stepped spillways with embankment dam slopes
(Chanson 2001, Ohtsu et al. 2004, Gonzalez & Chanson 2007, Felder & Chanson 2009, Bung 2011).
The stepped spillway design is not limited to flat uniform steps and some prototype stepped chutes
were designed with non-uniform steps (e.g. Tillot dam, France), downwards inclined steps (e.g. Brushes
Clough Dam, UK), changing channel slope (e.g. New Victoria dam, Australia), pooled steps (e.g. Sorpe
dam, Germany) and weir structures designed with gabion steps. An optimum design in terms of energy
dissipation and air entrainment might not be known yet. Some studies provided some insights into some
more complex dam designs (e.g. Gonzalez & Chanson 2008, Relvas & Pinheiro 2008, Felder & Chanson
2011). Peyras et al. (1992) studied the energy dissipation over gabion stepped weirs. In recent years, the
air-water flows on pooled stepped spillways were researched with channel slopes of 14.6°, 18.6° and 30°
(André 2004, Kökpinar 2004, Thorwarth & Köngeter 2006). Some self-induced instabilities on a pooled
stepped spillway with θ = 8.9° were investigated in detail by Thorwarth (2008) and Felder & Chanson
(2012). The instabilities comprised jump waves which traveled downstream and might cause a risk for
safe discharge of the stepped chute.
In the present study, some further pooled step designs were tested for a stepped spillway with θ =
26.6° comprising flat, pooled and porous pooled stepped configurations with porosities Po = 5% and Po =
31%. The investigations aimed to provide some insights on the flow patterns, as well as the aeration and
energy dissipation performances for the (porous) pooled step designs.
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2 EXPERIMENTAL CONFIGURATIONS AND INSTRUMENTATION
2.1 Experimental facility and phase detection intrusive probes
The experimental study was conducted in a large size stepped spillway facility with a 7 m long, 0.52 m
wide test section with a slope of 26.6°. The channel consisted of 10 plywood steps with step height h = 10
cm and perspex sidewalls for flow visualization. Constant flow rates were supplied by a large upstream
intake basin which supplied smooth waveless inflow into the test section through a long sidewall convergent with a 4.23:1 contraction ratio. At the upstream end of the test section, the flow was controlled by a
broad-crested weir with height of 1 m, width W = 0.52 m and length Lcrest = 1.01 m and an upstream
rounded corner (rcrest = 0.08 m).
The air-water flow experiments were conducted with a double-tip conductivity probe (inner diameter
Ø = 0.25 mm). The leading and trailing tips of the probe were offset in longitudinal direction Δx = 7.2
mm with a transverse separation of Δz = 2.1 mm. The probe was supported by a trolley system and the
positioning of the probes normal to the pseudo-bottom was performed with a Mitutoyo™ digital ruler
mounted on a fine adjustment screw-drive mechanism. The error in the translation of the probe in the direction normal to the flow was less than 0.5 mm. The accuracy on the longitudinal probe position was estimated as Δx < +/- 0.5 cm. All measurements were conducted with an electronic system (Ref. UQ82.518)
and the signal was acquired with a high speed data acquisition system (NI USB-6251) and a self-designed
LabVIEWTM data acquisition software. In a detailed sensitivity analysis, a sampling duration of 45 s and
a sampling rate of 20 kHz were identified as optimum for the accurate recording of the air-water flow
properties. More details about the stepped spillway facility were reported by Felder et al. (2012).
2.2 Experimental configurations
The experiments encompassed four uniform stepped spillway configurations, i.e. flat steps, pooled steps
and porous pooled steps with Po = 5% and Po = 31% (Figure 1). The pool weir height for all pooled configurations was w = 3.1 cm. The pores on the porous pooled steps had a diameter Ø = 5 mm and were distributed evenly on the pooled weir (Figure 2). Detailed visual observations of the flow patterns were conducted for all step configurations for a range of discharges per unit widths 0.003 ≤ qw ≤ 0.282 m2/s. Some
air-water flow measurements were performed with the double-tip conductivity probe downstream of the
inception point of air entrainment for 0.025 ≤ qw ≤ 0.250 m2/s. The main focus of the investigations was
the porous pooled design and the flat and pooled step designs were used as reference configurations.

Figure 1. Detail of stepped spillway configurations with flat, pooled and porous pooled steps (θ = 26.6°); definition of first
measurement position on flat and (porous) pooled steps (y = 0)
88

Figure 2. Photos of porous pooled stepped spillways with Po = 31% (Left) and Po = 5% (Right); Diameter of holes Ø = 5 mm

3 AIR-WATER FLOW PATTERNS
The air-water flow patterns on the flat and pooled stepped spillways exhibited some typical features with
nappe, transition and skimming flow regimes clearly distinguishable with increasing discharge. The
changes in flow regimes were in good agreement and compared well with previous studies on embankment dams (Felder & Chanson 2009). For the pooled stepped spillway, some small instabilities were observed within the nappe flow regime for dimensionless flow rates 0.3 < dc/h < 0.45 with dc the critical
flow depth. The instabilities resulted from a pulsating flow within the first step cavity which caused some
small deviations of the free-falling nappes. The flow disturbances were much smaller compared to the observations of Thorwarth (2008) and Felder & Chanson (2012) on a pooled stepped spillway with θ = 8.9°
and same ratio of pool weir height to step length (w/l = 0.155). For dc/h ≥ 0.45, no instabilities were observed. Some more details about the instabilities and the flow patterns on the flat and pooled stepped
spillways can be found in Felder et al. (2012). The change from transition to skimming flow was observed for dc/h = 0.9 on the pooled stepped spillway and for dc/h = 0.97 on the flat steps.
The air-water flow patterns on the porous pooled stepped spillways with Po = 5% and Po = 31% respectively exhibited typical nappe, transition and skimming flow regimes. The observations were in good
agreement with the observations on the pooled stepped spillway, but for all flow rates, some differences
were caused by some small discharges through the pores in the pooled weirs. Some estimates of the discharge through the pores were conducted for the different flow rates using classical resistance coefficients
(Idelchik 1994). The discharge through the pores was estimated based upon the energy equation between
either sides of the porous pooled wall:

ζ U 2
H = Po
2 g

(1)

where H is the energy difference between the two sides of the porous wall (herein the difference in freesurface elevation between one pool weir height upstream and downstream of the pool wall, identified using visual observations), ζ is the resistance coefficient for an perforated thick plate (Idelchik 1994), g is
the gravity acceleration constant and UPo is the stream wise velocity of the discharge through the pores.
The maximum discharges through the pores based upon stationary flow considerations were estimated at
less than 7% of the total flow discharge for the porous configuration Po = 31% and much less than 1% for
Po = 5%. The discharges for the transition and nappe flows were comparatively larger because the downstream side of the pooled weir was not submerged and a void existed. Note that the discharge calculation
through the pores was a rough estimate and the recirculations within the cavity, the irregular cavity ejections, and the non-horizontal angle between flow and pool weir might affect the porous flow estimate.
For the smallest flow rates dc/h < 0.43-0.46, a nappe flow regime was observed for both porous pooled
configurations. The flow pattern was similar to the nappe flows on the pooled stepped spillway, but some
flow occured also through the pores. Importantly, for the nappe flow regime on both porous pooled
stepped spillways, no pulsations were observed in the first pooled cavity and no instabilities were present.
The pores tended to balance the pressure between adjacent pooled cavities and increased the stability of
the nappe flows. The transition flow regime showed some instable flow patterns which were similar to
observations of transition flows on the flat and pooled stepped spillways (Figure 3). In Figure 3, a typical
transition flow regime is shown for the porous steps with Po = 5% indicating a small air-water flow jet at
the second pooled weir edge and some small instabilities and strong droplet splashing downstream. With
increasing discharge, the instabilities decreased. With the disappearance of the jet at the second pooled
step weir, the flow became stable in the skimming flow regime. The transition flow regime for the porous
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pooled stepped spillway with Po = 31% was observed for 0.43 < dc/h < 0.75 and for Po = 5% for 0.46 <
dc/h < 0.91. The larger porosity reduced the instable transition flow rates and provided more stable skimming flow conditions compared to the flat and pooled step configurations. The skimming flow regime
was observed for dc/h > 0.75 (Po = 31%) and dc/h > 0.91 (Po = 5%) respectively. The flow patterns were
very similar to typical skimming flows on the corresponding flat and pooled stepped spillways (Figure 4).
The flow appeared very regular and some stable cavity recirculations were observed downstream of the
inception point. Figure 4 highlights some details of the cavity processes and the air-water flows through
the pores. It seemed that the cavity recirculations decreased with increasing porosity. Furthermore, the
amount of air in the cavity appeared smaller for the porous pooled steps which indicated a smaller interaction between cavity and main stream flow and a lower air entrainment into the step niche. The flow
through the pores decreased the size of the upward jet at the downstream end of the cavity compared to
the pooled steps. The visual observations indicated that the pores affected the air-water cavity flows, but
the overlying main stream flow patterns were very close to the corresponding flows on the flat and pooled
stepped spillways.
The visual observations indicated that the air-water flows in the step cavity were affected by the pore
discharges. Some similarities were observed to flows behind porous fences which lead to a reduced recirculation behind the fence with increasing fence porosity (Tsuhahara et al. 2012). It is believed, that the injection of fluid into the cavity reduced the drag coefficient. The drag reduction behind ventilated bodies
was shown by several researchers (e.g. Abdul-Khader & Rai 1980, Suryanarayana et al. 1993,
Naudascher & Rockwell 1994). A reduction in drag in the porous pooled stepped experiments would lead
to a reduced flow resistance, an increased main stream velocity and a reduced energy dissipation rate.

Figure 3. Transition flow regime on porous pooled stepped spillway (Po = 5%): dc/h = 0.51; qw = 0.036 m2/s; Re = 1.4 × 105

Figure 4. Cavity detail and flow through pores in skimming flow regime on porous pooled stepped spillways – Left: Po = 5%,
dc/h = 1.44; qw = 0.171 m2/s; Re = 6.8 × 105; Right: Po = 31%, dc/h = 0.86; qw = 0.079 m2/s; Re = 3.1 × 105

4 AIR-WATER FLOW PROPERTIES
The air-water flow measurements with the double-tip conductivity probe were conducted at all step edges
downstream of the inception point on the channel centerline. For the flat steps, the first vertical position
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of the probe was at the step edge (y = 0) and for the pooled steps at the pool weir edge (y = 0). For all airwater flow properties, the graphs comprised dimensionless distributions as functions of the dimensionless
distance from the pseudo-bottom formed by the step edges and pooled weir edges respectively (Figures 57). On the left hand side of the figures, the air-water flow properties are shown as a function of y/Y90,
where Y90 is the characteristic air-water flow depth where the void fraction C = 90%. On the right hand
side, the data are presented as a function of (y + w)/dc to highlight the effects of the pool weir upon the
flow depth.
Some typical void fraction distributions are illustrated in Figure 5 for all stepped configurations showing some typical S-shapes which were observed in many previous studies on flat stepped spillways in
transition and skimming flows (e.g. Chanson & Toombes 2002, Bung 2011). Little difference was visible
between flat, pooled and porous pooled stepped spillways illustrated as functions of y/Y90. The distributions of void fraction C matched well the advective diffusion equation of Chanson & Toombes (2002):
3

y / Y90  y / Y90 − 1/ 3 

+
C=
1 − tanh  K '−


2  Do
3  Do


2

(2)

where K' is an integration constant and Do is a function of the mean air concentration Cmean only:
=
K ' 0.32745 + 1/ 2  Do − 8 / 81 Do

(3)

Cmean = 0.762  (1.0434 − exp(−3.614  Do ))

(4)

The mean air-concentration Cmean characterized the depth-average air content in terms of Y90: Cmean = 1d/Y90 where d is the equivalent clear water flow depth:
d=

y =Y90



(1 − C )  dy

(5)

y =0

For the graph showing the void fraction as function of (y+w)/dc, the results showed also little difference
between the data. However the void fraction profile for the pooled steps was shifted upward by w/dc (Figure 5). The comparison of the (porous) pooled configurations showed a very good agreement between
pooled and porous pooled configuration with Po = 5%. The void fraction distributions for the porous
pooled stepped spillway with Po = 31% were slightly lower and indicated some small differences in
terms of flow depth which seemed to be linked with some discharges through the pooled weir pores (Figure 5).
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Figure 5. Comparison of void fraction distributions on the stepped spillways with flat, pooled and porous pooled steps – Left:
dc/h = 0.96; qw = 0.094 m2/s; Re = 3.7 × 105; Right: dc/h = 1.29; qw = 0.144 m2/s; Re = 5.7 × 105; Comparison with advective
diffusion equation (Equation (2))

The distributions of bubble count rate showed typical shapes with maxima in the intermediate flow region
for void fractions of about C = 0.4 to 0.5 for all step configurations (Fig. 6). The number of entrained air
bubbles was larger for the flat stepped spillway compared to the (porous) pooled step configurations. A
close agreement in terms of bubble count rate distributions was observed for the pooled and porous
pooled steps with Po = 5% for all discharges at all step edges. In contrast, a smaller bubble count rate was
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observed on the porous pooled stepped spillway with Po = 31%. The differences in bubble count rate between these configurations tended to decrease with increasing distance from the inception point of air entrainment. In Figure 6, some typical dimensionless distributions of bubble count rate F×dc/Vc in transition
and skimming flows are shown as functions of y/Y90 and (y+w)/dc where Vc the was the critical flow velocity. Note that, for all experiments, the equilibrium flow conditions were not achieved and the bubble
count rate increased monotonically with longitudinal distance on all configurations and for all flow rates.
For all step configurations, some typical distributions of the dimensionless interfacial velocity V/V90
and V/Vc respectively are shown in Figure 7 as functions of y/Y90 and (y+w)/dc. For the comparison of dimensionless interfacial velocity V/V90, all data for the flat, pooled and porous pooled stepped spillways
were in good agreement and they compared very well with some self-similar relationships:
1/ N

V  y 
=

V90  y90 

y/Y90 ≤ 1 (6)

V
=1
V90

y/Y90 > 1 (7)

For y/Y90 ≤ 1, the data agreed well with a power law with exponent of N = 10 (Eq. (6), Figure 7). The exact value of N may vary from one step edge to the next one for a given flow rate. For y/Y90 > 1, the velocity distributions had a pseudo-uniform profile although some scatter of the data was observed in the spray
region.
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Figure 6. Comparison of bubble count rate distributions on the stepped spillways with flat, pooled and porous pooled steps –
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Some differences were however visible in terms of dimensionless interfacial velocity V/Vc (Fig. 7). For all
present experiments, the data implied smaller interfacial velocities on the flat stepped spillway. This finding was counter-intuitive because it was assumed that the pooled steps increased the chute roughness and
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would slow down the spillway flows. Nonetheless, the present observations showed consistently a faster
flow motion down the (porous) pooled stepped chutes for a wide range of discharges in transition and
skimming flows. For all configurations, the interfacial velocities increased with increasing distance from
the inception point. The interfacial velocities for the porous pooled step configurations were in between
the flat and pooled stepped spillway velocities. The velocities for the porous pooled steps with Po = 31%
and for the pooled steps were very close for all discharges with some slightly larger velocities for the
pooled steps. The interfacial velocities tended to increase with increasing porosity and the data for the porous pooled steps with Po = 5% were consistently smaller compared to the steps with Po = 31%. The observations of the velocities for the (porous) pooled configurations did not follow a clear trend and the reason for the largest interfacial velocities on the pooled step configuration remained unclear. Overall the the
interfacial velocity data Vflat < V(Po=5%) < V(Po=31%) < Vpooled for a given flow rate and for all discharges.
5 ENERGY DISSIPATION AND FLOW RESISTANCE
5.1 Residual energy
For a design engineer, it is important to quantify the energy dissipation rate and the residual energy at the
downstream end of stepped spillways. The rate of energy dissipation and the residual energy were calculated herein at the downstream end for the flat and (porous) pooled stepped spillway configurations. The
calculations were based upon the air-water flow measurements with the double-tip conductivity probe.
The residual head Hres at the location of measurement at the downstream end was:
H res

U w2
=
+w
d  cos θ +
2 g

(8)

where Uw was the mean flow velocity Uw = qw/d.
The observations of dimensionless residual head Hres/dc at the last step edge or pool weir edge are illustrated in Figure 8 as a function of the dimensionless flow rate. Some differences in the residual head
were observed for the different step configurations (8). The lowest residual head was achieved for the flat
steps and the pooled steps exhibited a larger residual energy. This finding was surprising because it was
expected that the pools would increase the energy dissipation along the pooled stepped chute as observed
for flatter channel slopes (θ = 8.9°). The finding was consistent with the larger interfacial velocities on
the pooled stepped spillway (Figure 7).
The largest residual energy was observed for the porous pooled stepped spillways with increasing residual head with increasing porosity. The larger residual energies for the porous pooled steps seemed to
be linked with a reduced momentum exchange between the cavity and main stream flow caused by the
pores in the pool weir. The pores in the pooled weir reduced both the energetic recirculation motions in
the pooled step cavity and the form drag of the steps. Furthermore, some small discharge appeared
through the pores and contributed to the reduced energy dissipation on the porous pooled stepped spillways. With increasing porosity, the energy dissipation performance decreased further.
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Figure 8. Comparison of dimensionless residual head at the downstream end on the stepped spillways with flat, pooled and porous pooled steps; Comparison with correlations of further stepped spillways with embankment dam slopes (dotted lines)
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For all step configurations, the residual head decreased with increasing discharge for the smaller flow
rates, while it was about constant for the largest flow rates. In Figure 8, the residual head data were compared with some simple design criteria for moderate slope-stepped spillways: the upper dotted line expressed the median residual energy of a number of experimental data obtained for flat stepped spillway
slopes smaller than 15.9° and the lower dashed line the median values for flat stepped spillway data with
slopes 21.8° < θ < 26.6° (Felder & Chanson 2009). Please note that the present flat stepped spillway data
were not included in the median values. However, the present findings on the flat stepped spillway agreed
very well with the previous physical studies on flat stepped spillways used for the median values shown
in Figure 8. The residual energy for the (porous) pooled stepped spillways exceeded the correlations.
Note that, for the largest flow rates, the discharge was not fully developed at the downstream end of
the spillway and the residual energy might be overestimated (Chanson 2001, Meireles & Matos 2009).
The residual head at the downstream end of the stepped chute might be slightly larger than the specific
energy at the start of the spillway apron. Hence, Figure 8 is suitable for design purposes including nondesign flow conditions because it is conservative.
5.2 Flow resistance
On stepped spillways, some significant form losses are caused by the steps (Chanson 2001). Some additional flow resistance might be caused by the weir on pooled stepped spillways. The flow resistance is
commonly expressed by the Darcy-Weisbach friction factor fe (Rajaratnam 1990, Chanson 2001). The
friction factor on a stepped spillway is quantified as the average shear stress in the air-water flow region
downstream of the inception point. In the present study, no uniform equilibrium flow was achieved along
the stepped chutes. Therefore the Darcy friction factor was calculated to quantify the average shear stress
in the gradually-varied flow for the flat and pooled stepped spillways in the present study (Chanson et al.
2002):
=
fe

8 g  S f  d
8 τ o
=
2
U w2
ρw U w

(9)

where the friction slope equals Sf = - ∂H/∂x, H is the total head and x is the distance in flow direction.
The experimental results for the flat and (porous) pooled stepped spillways are summarised in Figure
9, in which the friction factor is plotted as a function of the dimensionless step roughness height ks/DH
with DH the equivalent pipe diameter. Figure 9 includes all transition and skimming flow data for the flat
and pooled step configurations. The data are compared with the solution of a simplified analytical mixing
length model, which expressed the pseudo-boundary shear stress fd = 2×π0.5/K, where fd is an equivalent
Darcy friction factor estimate of the form drag and 1/K represents the dimensionless rate of expansion of
the shear layer (Chanson 2001).
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Figure 9. Comparison of Darcy friction factors on the stepped spillways with flat, pooled and porous pooled steps; Comparison with pseudo-boundary shear stress

Overall the stepped spillway data yielded Darcy-Weisbach friction factors between 0.1 and 0.34 (Figure
9). The findings were consistent with the reanalyses of flow resistance data showing variations of Darcy
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friction factors between 0.1 and 0.35 for θ = 15.9° and θ = 21.8° (Felder & Chanson 2009). For the present data (θ = 26.6°), the smallest values of fe were observed for the porous pooled steps which confirmed
the reduction of form drag and momentum exchange by the pores.
6 CONCLUSION
A physical study was conducted on a relatively large stepped spillway with θ = 26.6° comprising four
configurations with flat, pooled and porous pooled steps. The flow patterns showed a close agreement between the nappe, transition and skimming flow regimes for the flat and pooled stepped spillways. However, some small instabilities were observed for the pooled stepped spillway in nappe flows which was
linked with pulsating flows in the first pool. The porous pooled stepped spillways showed similar flow
patterns in the main stream flow, but some small differences were observed in the pool cavity region.
Some discharge appeared through the pores, and decreased the cavity recirculations and air entrainment
into the porous pooled step niche. The comparison of the air-water flow properties for the flat, pooled and
porous pooled stepped spillways was conducted for transition and skimming flows. The comparative
analyses showed a good agreement in most air-water flow property distributions including the void fraction and dimensionless interfacial velocity V/V90. However, the pooled and porous pooled stepped spillways exhibited some larger interfacial velocities V/Vc for all flow rates, a result which was counterintuitive. However, the comparison of the residual energy at the downstream end showed a smaller energy dissipation rate for the (porous) pooled stepped spillways. The pores decreased the momentum exchange between cavity recirculation and main stream flow and decreased the form drag which resulted in
smaller friction factors.
The present testing provided some valuable design implications. The pooled step design showed some
pulsating flow patterns for small flow rates which led to some small instabilities. The energy dissipation
rate was smaller compared to the flat stepped design performances. The introduction of porosity to the
pooled weir wall eliminated any flow pulsations and the flow patterns were stable for all flow discharges.
However, the energy dissipation rate was much smaller compared to the flat and pooled step configurations. In summary the porous pooled step design was preferable to the pooled stepped design because the
flow was more stable. The practical use of porous pooled steps in prototype requires some thorough physical modeling to ensure that the energy dissipation rate is accurately quantified. The porous pooled
stepped spillway with Po = 31% had a porosity comparable to gabions, and the aeration and energy dissipation performance on hydraulic structures with gabion technique should be investigated before any implementation in a prototype environment.
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NOTATION
C
Cmean
DH
d
dc
F
fd
fe
g
H
Hres
h
K
l
N

void fraction or air content
mean air concentration
hydraulic diameter
equivalent clear water flow depth
critical flow depth
bubble count rate
Darcy friction factor estimated of the form drag
equivalent Darcy friction factor
gravity acceleration constant
total head
residual energy
step height
expansion rate of shear layer
step length
power law exponent
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Po
qw
Sf
UPo
Uw
V
Vc
V90
W
w
x
Y90
y
z
Ø
H
x
z
ζ
θ

τ

porosity of porous pooled steps
water discharge per unit width
friction slope
flow velocity through pores
mean flow velocity
interfacial velocity
critical flow velocity
interfacial velocity where C = 90%
channel width
pool weir height
distance in flow direction
characteristic flow depth where C = 90%
direction normal to the pseudo-bottom formed by the step edges
transverse direction
diameter of pores and probe tips
energy difference between the two sides of the porous wall
longitudinal separation between probe tips
transverse separation between probe tips
resistance coefficient
channel slope
shear stress
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Stepped Spillway Downstream of a Piano Key Weir – Critical Length
for Uniform Flow
A. Silvestri, S. Erpicum, P. Archambeau, B. Dewals & M. Pirotton
HECE Research group, Argenco Department,University of Liège, Belgium

ABSTRACT: Recent researches showed the rapid aeration of the flow downstream of piano key weirs.
This could be related to the specific geometric features of the structure, creating several interacting flows
and jets downstream. In order to validate this assumption, an experimental research has been carried out
at the Laboratory of Engineering Hydraulics, University of Liège. The main objective of the study was to
analyze the energy dissipation occurring in skimming flow conditions on a stepped spillway downstream
of a piano key weir (PKW). Comparison with energy dissipation on a stepped spillway downstream of a
standard ogee crested weir has been performed. An indirect method has been used to determine the residual energy at the spillway toe. The results show that uniform flow conditions are reached faster on a
stepped spillway downstream of a PWK compared to the length needed downstream of a standard ogee
crested weir. Extrapolation of the results to prototype flow conditions is also discussed with regards to
scale effects influence.
Keywords: skimming flow, uniform flow, hydraulic jump, conjugate depths equation, local head loss
1 INTRODUCTION
Stepped spillways are used in dam construction to reduce the length or eliminate the stilling basin at the
dam toe by dissipating energy along the spillway. They enable also to decrease the erosion risk due to
cavitation by providing natural aeration. They are usually built downstream of standard ogee-crested
weirs.
Two distinct flow regimes may occur on stepped spillways: nappe flow and skimming flow. In nappe
flow the steps act as a series of overfalls with the water plunging from one step to another. In skimming
flow, the water flows as a coherent stream over the pseudobottom formed by the outer step edges, without
air pockets under the jets and with development of intense recirculating zones in the triangular cavities
formed by the step faces and the pseudobottom. These vortices are maintained by the transmission of
shear stress from the coherent stream over the pseudobottom and contribute significantly to the energy
dissipation for this type of regime. The nappe flow is found for large steps and low discharge whereas the
skimming flow appears for small steps and high discharge. Between these both flow regimes, there is a
transition regime where both nappe and skimming flows occur simultaneously in different parts of the
stepped spillway (Boes and Hager, 2003a).
For a stepped spillway with skimming flow regime, as studied in this paper, the free-surface of the
flow is smooth in the early steps and no air entrainment occurs. Close to the bottom, turbulence is generated. When the outer edge of the turbulent boundary layer reaches the free surface, air entrainment occurs. Downstream of the point of inception of air entrainment, the flow becomes rapidly aerated. A mixture of air and water extends gradually through the fluid. Far downstream, the flow becomes uniform.
From this moment, air concentration flow, velocity and water depth remain nearly constant along the
spillway (Chanson, 1994). A criterion has been proposed by Boes et Hager (2003a) to predict the minimum vertical distance Hdam,u from spillway crest needed to reach uniform flow depending on the critical
depth hc and the slope φ of the spillway:
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H dam ,u
hc

= 24  sin φ 

2/3

.

(1)

When uniform flow conditions are reached on a stepped spillway, Boes and Hager (2003a) suggest to calculate the residual energy head Ef,u at the spillway end as
E f ,u
Emax

=

F

H dam 3
+
2
hc

,

(2)

where Emax is maximum reservoir energy head, Hdam is the dam height and F is a parameter related to the
the bottom roughness. This relation has been established analytically from the general equation for water
curves (Hager and Boes, 2000). Its validity has already been proven in several searches by comparison
with experimental data.
Equation (2) is independent of the type of weir upstream of the stepped spillway as uniform flow characteristics are related to the discharge and the spillway features.
The specific geometric features of the piano key weirs create several interacting flows and jets downstream of the structure, enhancing thus the aeration of the flow. An experimental study has been conducted at the Laboratory of Engineering Hydraulics, University of Liège, to compare, in an idealized environment, the energy dissipation on a stepped spillway downstream a PKW and downstream of a
standard ogee-crested weir. In particular, the study aims at verifying whether uniform flow conditions can
be reached faster on stepped spillway placed downstream of the PKW than downstream of an ogeecrested weir.
First results were published by Erpicum et al. (2011). Two geometries of PKW were considered as
well as a standard ogee-crested weir upstream of the same stepped spillway model. Thanks to sufficient
length of the stepped spillway (Hdam/hc=16.1 to 58.8), uniform flow conditions were reached at the spillway toe for almost the whole range of tested discharges. Therefore, the resulting energy at the spillway
toe was equivalent downstream of the PKWs and downstream of the standard ogee crested weir. However, for the same specific discharge on the spillway, important differences in the flow features were observed. Indeed, with both PKW geometries, the flow was fully aerated immediately downstream of the
PKW, while this was not the case downstream of the ogee-crested weir.
In the present study, the experimental facility used by Erpicum et al. (2011) has been modified to reduce the spillway length. Several spillway lengths have been tested to generalize criterion proposed by
Boes and Hager (2003a) for stepped spillways downstream of PKWs.
Extrapolation of the results to prototype flow conditions is also discussed. Though not experimentally
verified, scale effects are not anticipated due to criteria involving the Weber (Kobus, 1984) and Reynolds
(Rutschmann, 1988 and Speerli, 1999) numbers.
2 EXPERIMENTAL FACILITY AND METHODOLOGY
Experimental data were obtained on a facility (Figure 1) made of a 0.494m wide stepped spillway with a
slope of 52° and regular steps of 2.4cm in length and 3cm in height. The spillway is linked to an upstream reservoir and a 4.20m long downstream horizontal channel. Thanks to an adoptive support system,
the length of the spillway can be easily modified from 0 to 1.30m. All the walls of the facility (sidewalls,
channel bottom, weirs and spillway) are made of steel, PVC or Plexiglas in order to minimize friction effects. The upstream reservoir is fed by a regulated pump connected to a pressurized pipes network. The
downstream extremity of the horizontal channel is equipped with an adjustable vertical gate.
Tested discharges ranged from 5l/s to 80l/s. They have been measured in the upstream pipe using an
electromagnetic flow meter (accuracy of 1%). The water depths in the upstream reservoir and along the
horizontal channel have been measured by ultrasonic probes (frequency of 10Hz, resolution of 0.025mm
and accuracy of 2%). Because of small free surface oscillations, water depth measurements have been averaged on a period of 90s to define a single water depth value in each point.
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(a)

(b)

Figure 1: Global view of the experimental facility (a) and view of PKW2 and spillway [Position II] (b).

In the present study, three different dam heights have been considered, namely Position I, Position II and
Position III, corresponding to a spillway length of 1.27m, 1.04m and 0.62m respectively. Three different
models of weir have been tested upstream of the stepped spillway: a standard ogee-crested weir (Dewals
et al., 2004) and two geometries of piano key weirs, noted PKW1 and PKW2 (Erpicum et al., 2011). The
dimensions of the PKW2 are generally 1.6 times smaller than PKW1 ones, except the spillway width and
the walls thickness which are constant. PKW1 represents 1.5 inlets and 1.5 outlets while PKW2 represents
2.5 inlets and 2.5 outlets. Their dimensions are summarized in Table 1. They are both “modified type A
PKWs”, i.e. with downstream and upstream overhangs of different lengths. Steps have been built in the
outlets to improve energy dissipation. The dam’s heights (from crest of weir to spillway toe) are given in
Table 2 for all combinations of weir’s type and Position (I, II or III).
Table 1. General dimensions and aspect ratios of PKW1 and PKW2.

PKW
1

PKW

Wi
[cm]
16.9

W0
[cm]
12.3

Ts
[mm]
15

P
[cm]
26.2

B
[cm]
62.3

Bb
[cm]
37.4

Bi
[cm]
11

B0
[cm]
13.9

Wi/ W0
[-]
1.37

P/ Wi
[-]
1.55

Ts/ Wi
[-]
0.09

Lu/ Wu
[-]
4.78

9.8

7.7

10

16.3

38.8

23.3

6.8

8.7

1.27

1.66

0.10

4.88

2

Table 2. Dam heights (Hdam) for all tested combinations of weir type and Position (I, II or III).
Hdam,I
Hdam,II
Hdam,III

Standard weir
1.067
0.887
0.552

PKW1
1.282
1.102
0.767

PKW2
1.183
1.003
0.668

(a)

(b)

Figure 2: Pictures of standard ogee-crested weir (a), PKW1 (b) and PKW2 (c).
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(c)

Experiments consisted in measuring and comparing, for constant discharges, the energy dissipation along
the stepped spillway depending on the type of upstream weir. This energy dissipation has been calculated
as the difference between the energy measured in the upstream reservoir E0 and the energy at the spillway
toe Ep.
Because of air entrainment and high flow velocity at the spillway toe, the residual energy Ep is difficult
to determine accurately by a direct measurement of the water depth and flow velocity. Therefore an indirect method has been used; consistently with Matos and Quintela (2004), Shvainshtein (1999) or Erpicum
et al. (2011). It consists in creating a hydraulic jump in the downstream horizontal channel by means of a
gate, to measure the flow energy downstream of the jump, where flow depth varies less and aeration rate
is smaller, and then to calculate the water depth at the spillway toe and the residual energy using the conjugate depths equation.
Tested discharge ranged from 5l/s to 80l/s (specific discharge from 0.02l/s to 0.162l/s). A sketch of the
experimental facility is shown in Figure 4.
3 RESULTS AND DISCUSSIONS
3.1 Qualitative observations
The first result of the tests consist in a visual confirmation of previous observations by other researchers
such as Erpicum et al. (2011) and Ho Ta Khanh et al. (2011). For the same specific discharge, important
differences have been observed in the flow downstream of the spillway depending on the type of weir
(Figure 3).
With both PKW geometries, the flow is fully aerated directly after the weir toe, while this is not the
case with the ogee-crested weir. The inception point downstream of a PKW is significantly closer to the
spillway crest than downstream of an ogee-crested weir. As a result, the energy dissipation on a stepped
spillway downstream of a PKW should be different from downstream an ogee-crested weir. In the next
subsection, we show that uniform flow conditions are reached faster downstream of a PKW than downstream of the ogee-crested weir. Another consequence of this higher aeration is a reduction of the cavitation risk, so that it should be possible to avoid the construction of aerators in the non-aerated region.
(a)

(b)

(c)

Figure 3: Change in the inception point location along the spillway between standard ogee-crested weir and PKWs (Position I,
Q = 30 l/s, q = 0.06 m²/s): standard ogee-crested weir (a), PKW1 (b) and PKW2 (c).

3.2 Quantitative analysis
For a given discharge, upstream energy E0 can be evaluated directly from the water depth h0 measured by
the ultrasonic probe in the upstream reservoir. Indeed, under the assumption of a uniform velocity distribution across the reservoir cross-section, E0 is given by
E0 = z + h0 +
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v2
2g

(3)

where z is the reservoir bottom elevation from the downstream horizontal channel bottom level and v the
mean velocity through the reservoir cross section. To be consistent with the uniform velocity assumption,
the probe used to measure the water depth h0 is located at a horizontal distance from the weir crest longer
than twice the maximum head on the weir (Paternoster, 1963).
In all tests, the hydraulic jump was located exactly at the spillway toe (Figure 4 - b).
(b)

(a)

Figure 4: Sketch of the experimental facility (a) and localization of the hydraulic jump at the spillway toe (b).

The water depth at the spillway toe is thus equal to the first conjugate depth h1 of the jump. To solve the
conjugate depths equation (equation (4)), the second conjugate depth h2 has been evaluated as the mean
value measured using a maximum of six ultrasonic probes arranged along the downstream part of the
channel. Indeed, friction effects along the subcritical section of the channel have been found to be negligible.
3

h1 = h2

h 
1+ 8  c  −1
 h2 
.
2

(4)

The residual energy Ep in the horizontal channel at the spillway toe can be calculated from the first conjugate depth h1 using equation (5), similar to equation (3).
E p = h1

 q h1 
+

2

2g

.

(5)

To evaluate the residual energy at the spillway toe in the spillway, the local head loss due to the slope
change at the horizontal channel inlet needs to be considered. To evaluate this local head loss, only the
results of the tests carried out with the ogee crested weir and with an Hdam/hc ratio higher than the limit
provided by equation (1) have been considered. In practice, working with 90% of the limit given by equation (1) and with our geometry of facility, we had Hdam,u/hc equal to 18.4. For these tests, the flow in the
spillway is uniform and the corresponding residual energy Ef,u may be computed using equation (2). ΔEimpact may thus be simply computed as
Eimpact = E p − E f ,u .

(6)

From ΔEimpact values and assuming a classical form for the local head loss equation, we obtain
Eimpact

 q h1 
=k
2g

2

(7)

where h1 is the first conjugate depth giving by equation (4), a constant local head loss coefficient k equal
to 0.627 is found (Figure 5).
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Figure 5: Determination of the local head loss coefficient k value at the spillway toe.

Whatever the discharge, the theoretical residual energy head in uniform flow conditions at the spillway
toe in the horizontal channel Epuni may be calculated as
E

uni
p

= Emax

F

H dam 3
+
hc
2

 q h1 
−k
2g

2

.

(8)

Epuni is only a function of the spillway characteristics and discharge, and not of the upstream weir type.
The comparison of this theoretical value with the residual energy measured at the spillway toe is shown in
Figure 6 for all the PKW geometries and discharges considered in this study.

(b)

(a)

Figure 6: Correlation between the theoretical uniform energy at the spillway toe Epuni and the measured residual energy Ep for
PKW configurations. White symbols for uniform flow energy and black symbols for non-uniform flow energy.

Figure 7 shows the ratio between Epuni and Ep as a function of Hdam,u/hc. The critical dam height to reach
uniform flow conditions downstream of the ogee-crested weir as defined by Boes and Hager (2003a) appears too high when the spillway is fed by means of a PKW. The limit ratio for stepped spillway fed by
PKW is around 14.5. This value is valid for the tested spillway and weir geometry. Nevertheless, these
results prove that using a PKW as upstream weir with a stepped spillway enables to reach uniform flow
conditions on a shorter spillway compared to the length needed downstream of a standard ogee crested
weir.
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Figure 7: Ratio between theoretical uniform flow energy Epuni and measured residual energy Ep at the spillway toe as a function of non-dimensional dam height Hdam/hc.

3.3 Scale effects
Scale effects have been analysed to evaluate whether the conclusions of the present study, resulting from
scale model tests, can be upscaled to a prototype scale. Indeed, highly turbulent air-water flows cannot be
modelled without scale effects when using Froude similitude, because of the significant role of viscosity
and surface tensions (Boes and Hager, 2003b). For a true similarity of the aeration process between model and prototype, the Froude, the Reynolds and the Weber similarity laws should be fulfilled simultaneously (Kobus, 1984). Therefore, care must be taken when upscaling model results to the prototype scale.
Kobus (1984) proposes Reynolds numbers Re with flow depth as reference length (equation (9)) equal
or higher to 105 to minimize viscous effects.
Re =

q

ν

 105 .

(9)

Rutschmann (1988) and Speerli (1999) concluded both that the Weber number W, with the flow depth as
the reference length, should be at least 110 for surface tension effect to be negligible (where depthaveraged mixture velocity ūm is calculated with the critical depth hc of the flow on the spillway and Ls is
the distance between two successive edges step) – equation (10).
2

2

W=

um

σ
ρ Ls

q
 
h
=  c   110 .

σ
ρ Ls

(10)

Considering our geometry and the range of tested discharges, Reynolds number varies between 2.4 104
and 1.6 105 and Weber number varies between 179 and 716.2. Consequently, the results of the study can
be extrapolated to a prototype scale without modification.
4 CONCLUSIONS
The present experimental research has been carried at the Laboratory of Engineering Hydraulics, University of Liège, with the main purpose to study the energy dissipation occurring in skimming flow conditions on a stepped spillway downstream of a piano key weir (PKW) by comparison with the theory for
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stepped spillway downstream of a standard ogee crested weir. The results confirmed the rapid aeration of
the flow downstream of piano key weirs due to the specific geometric features of the weir, creating several interacting flows and jets downstream of the structure. Indeed, with PKW geometry, the flow is fully
aerated directly after the weir toe, while it is not the case with the ogee-crested weir. The inception point
downstream of a PKW is significantly closer to the spillway crest than downstream of an ogee-crested
weir.
The results showed that using a PKW as upstream weir enables to reach uniform flow conditions on a
shorter stepped spillway compared to the length needed downstream of a standard ogee crested weir. The
critical dam height to reach uniform flow condition downstream of the ogee-crested weir appears too high
when the spillway is fed by a PKW. Indeed, with our geometry, the limit ratio Hdam,u/hc, as defined by
Boes and Hager (2003a), for stepped spillway fed by PKW is estimated around 14.5 whereas it is 18.4
downstream of the ogee-crested weir.
Finally, from criteria defined by Kobus (1984), Rutschmann (1988) and Speerli (1999) and having a
Reynolds number which varies between 2.4 104 and 1.6 105, respectively Weber number, between 179
and 716.2, it can be concluded that scale effects have a limited influence in the tested configurations.
Consequently, though not experimentally verified, scale effects are not anticipated.
The present experimental research has been carried on with goal to study the energy dissipation along
a stepped spillway downstream of a PKW when the non-uniform flow conditions are installed.
NOTATIONS
g
h0
h1
h2
hc
hw,u
k
q
s
v
z
B
B0
Bi
Bb
E0
Ef,u
Emax
Ep
F*
Hdam
Hdam,u
Lu
Ls
P
Re
Ts
W
Wu
Wi
W0
ΔEimpact

φ
ν
ρ
σ

gravitational acceleration
water depth in the upstream reservoir
first conjugate depth (supercritical)
second conjugate depth (subcritical)
critical depth (on the spillway)
uniform equivalent clear water depth
local loss coefficient
specific discharge
step height (stepped spillway)
flow velocity (hypothesis of uniform distribution on the section)
vertical distance between the floor of downstream horizontal channel and the bottom of the upstream reservoir
upstream-downstream length of the PKW B = Bb + Bi + B0
upstream (outlet key) overhang crest length
downstream (inlet key) overhang crest length
base length
energy in the upstream reservoir
residual energy head at spillway end (uniform flow conditions established)
maximum reservoir energy head
energy at the spillway toe
roughness Froude number
height of dam
vertical distance from spillway crest to close uniform equivalent clear water flow
developed length of the PKW unit along the overflowing crest axis
= s/sinφ distance between step edges, roughness spacing
height of the PKW
Reynolds number
sidewall thickness
Weber number
width of a PKW unit
inlet key width (sidewall to sidewall)
outlet key width (sidewall to sidewall)
local head loss due to flow impact at the change of slope between spillway and downstream horizontal channel
slope of stepped spillway
kinematic viscosity of water
density of water
surface tension between air and water
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In-Situ Measurements on Cross-Bar Block Ramps
M. Oertel

Hydraulic Engineering Section, Civil Engineering Department, FH Lübeck University of Applied
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ABSTRACT: Cross-bar block ramps can be used to conquer large river bottom steps with adequate flow
velocities and water depths. Therefore, the slope will be reduced by arranging several basins with maximum drop heights of 0.2 m. By following general design guidelines acceptable energy dissipation can be
achieved and fish climbing is possible. While the flow can be separated into basin, waved and channel
flow regimes, the Poleni formula can be used to calculate water depths on the structure for basin flow regimes. With increasing discharges the flow changes into waved and finally into channel flow regime,
where an approach using friction factors and the Darcy equation lead to good results for water depths calculations. To validate results for the basin flow regime, a measurement campaign was arranged on three
varying cross-bar block ramps structures in North Rhine-Westphalia. The present paper compares example results and gives limiters for measurement purposes.
Keywords: Cross-Bar Block Ramp, in-situ measurement, MID, ADCP, flow regime

1 INTRODUCTION
In the wake of the European Water Framework Directive (EU-WFD 2000) all water bodies with significant anthropogenic impacts have had to be retreated into nature-orientated good ecological conditions. A
standard solution for renaturing lateral structures is the arrangement of so called rough ramps or block
ramps. Within these structures large boulders and bed roughness dissipate energy and reduce flow velocities, thus increase flow depth. A classification of block ramps can be done into (see Fig. 1)
− block carpets (interlocked blocks or dumbed blocks), and
− block clusters (structured, unstructured or self-structured blocks).
A special case of structured block ramps are so called cross-bar block ramps (Oertel and Schlenkhoff
2012). A step-pool-system reduced the bottom level difference from upstream to downstream while adequate flow velocities occur. Cross-bars are made of huge stones with diameters up to DB = 1.5 m and
more. Lower openings within the cross-bars guarantee minimum water depths and fish paths (Figs. 2
and 3). The structures can be arranged over the complete width (Fig. 4) as well as partially (Fig. 5).
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where h = mean flow depth and hΒ = large boulder height. For the basin flow regime the regular Poleni
approach lead to acceptable results for flow depth calculations (see DVWK, DWA 2010):

2
Q = C wCb C s ∑Ww 2 g hw1.5
3

(1)

where: Q = discharge, Cw = 0.65 = overfall coefficient, Cb = 0.94 = backwater coefficient, Cs = 1.1 =
stone factor, Ww = total opening width small boulders, g = acceleration due to gravity, hw = overfall height
small boulder. If Q increases, the flow changes into the waved flow regime and a research deficit can be
identified. For the channel flow regime the water surface slope becomes equal to the bottom slope and
flow depth can be calculated by using friction factors (Oertel 2012):
8 
0.09   h
=  4.4 +
 log
f 
S   hB

 
0.0023 
 +  2.2 −
 (2)
S 
 

where: f = friction factor, S = ramp slope. In Eq. (2) h represents the water depth from basin bottom to
water surface. Using the Darcy formula lead to mean flow velocities:
U=

8
f

grS

(3)

where: U = mean flow velocity in x-direction, r = hydraulic radius. Figure 6 give example results for analytical approach, numerical model and laboratory measurements.

a)

b)

c)
d)
Figure 6. Example results for basin (a), waved (b) and channel (c, d) flow regime (Oertel 2012),
with hc = (Q2g–1b–2)1/ 3= critical water depth and H = ramp height.

Generally, scaled physical model results of free surface flow will be transformed into prototype scale via
Froude model (USBR 1980). Therefore, main boundary conditions must be considered – e. g. minimum
water levels – to obviate scaling effects by surface tension or viscosity. To validate numerical and laboratory results, in-situ measurements will be necessary. It will be difficult to measure in field during flood
events, thus to get results for channel flow regime. But for basin flow regime in-situ measurements are
possible with adequate complexity. The present paper picks up this requirement and deals with in-situ
measurements on cross-bar block ramps.
2 INVESTIGATION PROGRAM AND MEASURMENT TECHNIQUE
2.1 River Ruhr
To arrange field measurements on cross-bar block ramps, three varying ramps in North Rhine-Westphalia
were selected. The first block ramp is a bypass channel at the River Ruhr next to the Harkort power plant
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(Harkort reservoir), see Figs. 7 and 8. The ramp was built in 2004 and designed for Q = 700 l/s. The total
length is L = ~375 m, partitioned into 57 basins. The level difference is approx. H = 6.8 m, the width
around W = 6.0 m.

Figure 8. Bypass cross-bar block ramp Harkort reservoir,
upstream ramp part.

Figure 7. Bypass cross-bar block ramp Harkort reservoir
(source: www.ruhrverband.de).

2.2 River Brückerbach
The second chosen structure is located in Düsseldorf in the River Brückerbach and represents a cross-bar
block ramp over the full channel width (Figs. 9 and 10). The ramp was built in 2009 and is made of 12
cross-bars on a total length of L = 58 m. The resulting basin length is Lb = 3.3 to 5.8 m. The ramp width
varies between W = ~9.8 m in the upstream part and W = ~5.0 m in the downstream part.
2.3 River Wupper
The third investigated cross-bar block ramp was built in the River Wupper and is designed as a partial
ramp (Figs. 11 and 12). The total channel width is ~25.5 m, while the ramp was constructed with a width
of W = 10.5 m. The ramp length is L = 20.0 m and the height H = 1.0 m. Hence, the resulting slope is
S = 1:20 with a drop of h = 0.2 m for each basin. Five cross-bars create Lb = 4.2 m long basins. Large
stones are approx. hB = 1.0 m in height and 0.6 m in width. The total opening width (small boulders) is
Ww = ~3.25 m.

Figure 9. Full cross-bar block ramp, Brückerbach, upstream
part.

Figure 10. Full cross-bar block ramp, Brückerbach, downstream part.
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Figure 11. Partial cross-bar block ramp, Wupper.

Figure 12. Partial cross-bar block ramp, Wupper, measurement.

2.4 Investigation program
To analyze the flow on the structure, flow depths and flow velocities were measured in selected basins.
Therefore, two to three cross-sections were selected (~1.0 m downstream the upstream cross-bar and
~1.0 m upstream the downstream cross-bar, and in between). Figure 13 shows example cross-section
measurement points, where flow depths were collected at P1, P2, … , PX. Flow velocities were measured
5 cm under the free surface as well as 5 cm above the basin bottom. Between the water surface and basin
bottom velocities were collected with a distance of approx. 20 cm.

Figure 13. Example cross-section measurement points.

2.5 Measurement technique
Flow velocities were measured by using a portable velocity flow meter with electromagnetic sensor.
Therefore, the Flo-Mate 2000 (manufacturer: Hach) was chosen (Fig. 14). It is fully water resistant and
the mobile measurement device allows data collection of mean values. Specifications can be found in
Morgenschweis (2010).
Within the first basin of the cross-bar block ramp in the River Wupper a mobile Acoustic Doppler Current Profiler (ADCP) measurement was additionally carried out to compare results with those collected by
electromagnetic measurements. Therefore, a StreamPro (manufacturer: RDI) was placed on a small boat
(Fig. 15), which was pulled twice through the cross-section.
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Figure 15. StreamPro ADCP.

Figure 14. Flo-Mate 2000 MID (Morgenschweis 2004).

3 RESULT ANALYSIS
3.1 Discharge
In the present paper, results will be presented only for the cross-bar block ramp in the River Wupper.
Here, flow velocities determined via electromagnetic sensor will be analyzed in comparison with those
measured by ADCP. Measurements were carried out in the first and second upstream basin (see Fig. 5).
In both, two cross-sections were selected.
Measurements were carried out 12th June 2012. On that day a discharge of Qriver = 4.0 m3/s was measured at gauge Kluserbrücke a few hundred meters upstream the ramp. Since the investigated cross-bar
block ramp was partially built up, the flow is separated into the ramp and over the weir. The weir overfall
height was measured with hw = 0.08 m. An overfall discharge coefficient of Cw = 0.8 lead to the weir discharge Qweir = 2/3 ⋅ Cw ⋅ Wweir ⋅ (2g)0.5 ⋅ hw1.5 = 2/3 ⋅ 0.8 ⋅ (25.5−10.5) ⋅ (2 ⋅ 9.81)0.5 ⋅ 0.081.5 = 0.80 m3/s. A
power plant located next to the block ramp continuously extracts Qpowerplant = 1.0 m3/s. Another part of the
discharge is guided through a bypass (Qbypass = 0.8 m3/s). Hence, the total discharge on the cross-bar
block ramp can be assumed as Qramp = Qriver − Qweir − Qbypass − Qpowerplant = 4.0 − 0.8 − 0.8 − 1.0 =
1.4 m3/s.
Large boulders are marginally overflown and the lower opening (hw = 0.4 m) represents the main flow
area. Hence, using the Poleni formula (Eq. 1) for the given basin flow regime, the discharge can be calculated as:

2
2
Qramp = C wCb C s ∑Ww 2 g hw1.5 = ⋅ 0.65 ⋅ 0.94 ⋅1.1 ⋅ 3.25 ⋅ 2 ⋅ 9.81 ⋅ 0.41.5 = 1.63 m3/s
3
3
Using the ADCP boat and pulling it twice through the cross-section, a discharge of Qramp = 1.45 m3/s results. It can be shown, that theoretical approaches, ADCP measurements and gauge measurements give
comparable results for discharge amounts on the cross-bar block ramp.
3.2 Flow velocity
Sectional flow velocities were measured via electromagnetic sensor. For one profile in the upstream basin, ADCP measurements were additionally carried out. It must be mentioned, that ADCP measurements
can only be used if no major air entrainment occurs and a clear water surface is given. Otherwise, signals
cannot be processed and errors are resulting. In contrast, MID measurements present the best way to detect flow velocities on these structures, even if air entrainment exists.
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a)

b)
Figure 18. Comparison of flow velocities measured via electromagnetic sensor (a) and via ADCP (b).

4 SUMMARY AND CONCLUSION
4.1 General
Cross-bar block ramps separate large river bottom steps into several basins with adequate flow velocities
and flow depths concerning fish climb capabilities. Hydraulic phenomena on those structures were frequently investigated during the last years. Formulas for flow resistance and energy dissipation were developed and flow regimes were defined as basin flow, waved flow, and channel flow. Usually, the basin
flow regime occurs and flow depth calculations can be done by using the regular Poleni approach. For
flood events the free water surface slope equals the ramp slope and developed friction factors lead to acceptable results. The waved flow regime is still investigated since a research leakage can be identified.
In-situ measurements confirm the applicability of the Poleni formula. Water depths within the basins
can be described well. But for detailed flow velocity distribution in-situ measurements or numerical simulations are necessary. The present paper deals with in-situ measurements on cross-bar block ramps and results for an exemplary structure were presented.
4.2 Outlook
Further in-situ investigations will be necessary to confirm those approaches using friction factors for the
channel flow regime during flood events. Collected data are rare, because measurements will be very difficult to arrange. Huge flow velocities and flow depths on the structure will increase the risk of measuring
significantly. Hence, new ideas for measurement facilities are necessary.
NOTATION
Cw
Cb
Cs
DB
f
g
h
hc
hB
hw
H
L

overfall coefficient
backwater coefficient
stone factor
boulder diameter
friction factor
acceleration due to gravity
mean flow depth
critical water depth = (Q2g–1b–2)1/ 3
large boulder height
overfall height small boulder
ramp height
ramp length
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Lb
Q
r
S
U
W
Ww

basin length
discharge
hydraulic radius
ramp slope
mean flow velocity in x-direction
ramp width
total opening width small boulders
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Analysis of Chosen Hydraulic Parameters of a Rapid Hydraulic
Structure (RHS) in Porębianka Stream, Polish Carpathians
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ABSTRACT: Application of grade correction of a channel using rapid hydraulic structures (RHS) is a
new tendency in modern river training. These structures meet both technical and ecological requirements.
They decrease the longitudinal slope of the stream, differentiate the flow regime and dynamics, recreate
the braided pattern of the channel and do not stop the migration of fish and macroinvertebrates. Moreover, they mimic a pool and riffle channel morphology and thus conform with the requirements of the Water Framework Directive of the EU. In this paper, we analyse chosen hydraulic parameters of a rapid hydraulic structure constructed in a gravel-bed Porębianka Stream, Polish Carpathians.
Keywords: rapid hydraulic structure (RHS), hydrodynamic parameters, shear stress, velocity
1 INTRODUCTION
Pool and riffle morphology is one of a few channel pattern types found in mountain watercourses (Montgomery, Buffington 1997) and the one typical of inhabited, lower sections of mountain and piedmont valleys. Pool-riffle sequences occur with an average spacing of five to seven times the channel width (Gregory et al. 1994) and the regular downstream variability in bed morphology is associated with that in bedmaterial size, with coarser material forming the bed on riffles than in pools (Keller 1971, Milne 1982).
According to the velocity reversal hypothesis (Keller 1971), the areal sorting of bed material in pool-riffle
sequences reflects different patterns of flow velocity at discharges lower and higher than bankfull. Further
studies confirmed the hypothesis, indicating that not only the zones of different velocity but also those of
bed shear stress and unit stream power in pool-riffle sequences reverse as flow increases (e.g. Teisseyre
1984, Radecki-Pawlik 2002). The differentiation of channel bed into pools and riffles exerts a remarkable
influence on physical and biotic patterns in mountain river channels. Areas with different hydrodynamic
conditions along pool-riffle sequences provide habitats for varied benthic invertebrate communities (Pastuchová et al. 2008), with riffles supporting the communities especially rich in rheophilic taxa. The undulated morphology of streambeds enables the exchange of water between river channel and hyporheic
zone, crucial to provide oxygen for incubating eggs and larvae of lithophilic fish spawning in river gravels (Boulton 2007).
In modern river engineering there is often a need to construct hydraulic structures which mimic the
geometry of natural riffles, while protecting river bed against erosion, directing flow and reducing slope
of the channel bed. Such structures are rapid hydraulic structures (called later along that paper RHS) with
artificial roughness provided by the stones installed along the slope apron. In some countries such structures are called ramps. Hydrodynamic conditions of the flow conveyed over RHS are similar to those typifying natural riffles. RHS resemble natural riffles also in their high spatial diversity of hydraulic conditions (Radecki-Pawlik et al. 2010), a key factor in creating heterogeneity of physical habitat conditions
for benthic invertebrate fauna (Kłonowska-Olejnik, Radecki-Pawlik 2000, Zasępa et al. 2006). The aim of
this paper is to analyse chosen hydraulic parameters of a rapid hydraulic structure constructed in a gravelbed Porębianka Stream, Polish Carpathians.
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2 STUDIED STREAM AND FLOW CONDITIONS DURING MEASUREMENTS
Porębianka Stream is a 15.4 km long, 4th-order stream draining a flysch part of the Polish Carpathians.
The area of its catchment amounts to 72 km2, and the width of the channel varies from 1 m at the headwater part of the stream to 140 m at the mouth stretch. Average channel slope equals 56.9‰ (Korpak 2008).
Hydrological characteristics of Porębianka were determined on the basis of records at a gauging station
located in the middle course of the stream. The present morphology of the Porębianka channel is influenced by check-dams, with channel incision occurring downstream and bed aggradation upstream of the
dams (Kościelniak 2004, Korpak 2007). Nowadays, the stream has a single, narrow and winding channel.
At the beginning of the twentieth century the stream flowed in a a multi-thread channel. Later its channelization was carried out, with the stream course partitioned by check-dams, weirs and rapid hydraulic
structures (ramps) and channel banks reinforced with riprap, gabions and retaining walls (Kościelniak
2004, Korpak et al. 2008). In the lower course of the stream, a grade correction with 25 rapid hydraulic
structures (RHS) of high roughness was applied. While reducing channel slope, the structures operate
similar to natural riffles and promote accumulation of bed material between them. The paper aims at the
analysis of hydraulic parameters in the vicinity of one of the RHS.
Field measurements were made in three series in: April, June and October 2010. At the first series, the
measurements were performed during the spring thaw, at the flow of Q = 2.25 m3 · s-1, higher than mean
annual discharge SSQ = 1.32 m3 · s-1. Between the first and the second series of measurements, a flood
with the discharge Q = 55 m3 · s-1 occurred. During the second series, the discharge amounted to Q = 2.40
m3 · s-1 and was also higher than the mean. This elevated flow was caused by long-lasting rainfall that occurred in May and at the beginning of June 2010. In October low flows occurred, reflecting low precipitation in the autumn. The discharge equalled then Q = 1.15 m3 · s-1.
3 METHODOLOGY
One of the rapid hydraulic structures of high roughness in Porębianka Stream was chosen for detailed investigations (Fig. 1). Velocity measurements were carried out upstream and downstream of the structure
in the area of its influence and on the ramp itself. Depending on the configuration of channel bed and water stage, measurements were made at 63 measurement points in the first series, at 57 in the second one
and at 37 in the third one (Fig. 2).

Figure 1. Studied rapid hydraulic structure (RHS) in Porębianka Stream

Momentary flow velocity was measured with OTT Nautilus 2000 electromagnetic current meter. Based
on the measurements, velocity curves were drawn for the velocities over individual measurement points.
The momentary flow velocity measurements made it possible to determine the following parameters:
depth-averaged velocity, dynamic velocity, Reynolds number (vertical and so called particle one), Froude
number, shear stress, Shields parameter.
The value of dynamic velocity was calculated from the velocity profile using the formula (1) (Gordon
et al. 2007):
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a
[m · s-1]
(1)
5.75
where a is slope of the straight line v = f(h).
The calculated value of the dynamic velocity was used to determine the drag force acting on the channel bed, that is tangential stress, according to the formula (2):
τ = ρ ⋅ ( v* ) 2 [N · m-2]
(2)
-3
where ρ = 1000 kg · m is water density.
Froude numbers at average and maximum depth were determined according to the formula (3):
v
[–]
(3)
Fr =
gh
v* =

where v is flow velocity [m · s-1], h is water depth [m], and g is gravitational acceleration [m · s-2]. The
obtained values of Fr showed whether the measurement was made in the layer of supercritical flow, subcritical flow and/or critical flow, with the critical Fr value equal 1.
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Figure 2. Arrangement of measurement points.
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Reynolds numbers were obtained from the formula (4):
v⋅d
Re =
[–]
(4)
ν
where v is flow velocity [m · s-1], d is water depth or the diameter of grains on the bed surface [m], and ν
is the coefficient of kinetic viscosity [m2 · s].
Grain size of the bed material on bars and riffles was also measured. Surface bed material was sampled
using the transect Wolman’s method (Wolman 1954) and the effective grain sizes were calculated based
on the measurements.
4 RESULTS AND DISCUSSION
Table 1 presents the results of hydrodynamic calculations based on data obtained in April 2010. The dynamic velocities and tangential stresses below the rapid hydraulic structure reached the highest values in
the cross section “I – I”, amounting to 0.029 m · s-1 and 0.86 N · m-2, respectively. It reflected high velocity (vav = 0.540 m · s-1) and turbulence of the water flowing down the ramp and out of the energydissipating pool of the structure. Moreover, the highest values of the dynamic velocity and shear stresses
occurred in the middle part of the channel (points 8, 13, 19). Reynolds numbers indicated that in all the
measurement points flow was turbulent. The Froude numbers higher than 1 indicated the occurrence of
supercritical flow on the ramp and in the middle part of the energy-dissipating pool.
Table 1: Hydrodynamic parameters (series 1).
CrossPoint
h
vśr
section
number
[m]
[m · s-1]
V–V
1
0.04
0.036
2
0.20
0.460
30 m
3
0.12
0.352
downstream
4
0.18
0.470
of the pool
5
0.10
0.420
IV – IV
6
0.05
0.264
7
0.19
0.710
22 m
8
0.20
0.450
downstream
9
0.13
0.402
of the pool
10
0.13
0.396
III – III
11
0.08
0.264
12
0.05
0.302
15 m
13
0.27
0.402
downstream
14
0.22
0.650
of the pool
15
0.19
0.460
16
0.05
0.105
II – II
17
0.20
0.212
18
0.23
0.354
8m
19
0.48
0.324
downstream
20
0.45
0.334
of the pool
21
0.09
0.044
I–I
22
0.35
0.338
23
0.12
0.113
4m
24
0.53
0.640
downstream
25
0.19
0.101
of the pool
26
0.09
0.216
N
27
0.10
0.460
centre of the
28
0.13
0.400
energy-dissipating
29
0.10
1.740
pool
30
0.15
0.206
31
0.12
0.530
GD
32
0.08
0.630
33
0.04
1.480
lower concrete sill
34
0.10
2.160
of the RHS
35
0.03
0.840
36
0.03
0.470

v*
[m · s-1]
0.007
0.009
0.003
0.012
0.007
0.004
0.009
0.012
0.006
0.005
0.005
0.016
0.009
0.017
0.003
0.003
0.003
0.014
0.018
0.011
0.001
0.009
0.007
0.029
0.004
0.011
0.008
0.010
0.053
0.010
0.009
0.003
0.012
0.040
0.013
0.003
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τ
[N · m-2]
0.05
0.08
0.01
0.14
0.05
0.02
0.09
0.15
0.04
0.03
0.03
0.26
0.08
0.29
0.01
0.01
0.01
0.20
0.31
0.13
0.01
0.08
0.05
0.86
0.02
0.13
0.06
0.11
2.85
0.10
0.07
0.01
0.14
1.61
0.18
0.01

Re
[-]
1101
70331
32291
64674
10091
10091
103127
68802
39951
39355
16146
11543
82975
109319
66814
4013
32413
62243
118890
114899
3027
90437
10366
259307
14670
14861
35166
39752
133017
23622
48620
38529
45256
165125
19265
10779

Re*
[-]
1065
1356
544
2472
1474
503
1168
2523
755
656
691
2019
1869
3575
343
363
396
2962
3655
2366
215
1142
903
6115
617
1653
2057
2769
14276
2685
2285
805
3215
10730
3564
870

Fr
[-]
0.06
0.33
0.32
0.35
0.42
0.38
0.52
0.32
0.36
0.35
0.30
0.43
0.25
0.44
0.34
0.15
0.15
0.24
0.15
0.16
0.05
0.18
0.10
0.28
0.07
0.23
0.46
0.35
1.76
0.17
0.49
0.71
2.36
2.18
1.55
0.87

Fr*
[-]
0.005
0.007
0.002
0.007
0.004
0.003
0.007
0.007
0.005
0.004
0.004
0.013
0.005
0.010
0.002
0.002
0.002
0.009
0.011
0.007
0.001
0.007
0.006
0.033
0.003
0.008
0.004
0.006
0.029
0.005
0.005
0.002
0.006
0.022
0.007
0.002

Crosssection
PS
ramp
of the RHS

GG
upper concrete sill
of the RHS
I’ – I’
4m
upstream
of the RHS
II’ – II’
8m
upstream
of the RHS
III’ – III’
15 m
upstream
of the RHS

Point
number
37
38
39
40
41
42
43
44
45
46
47
48
49
50
51
52
53
54
55
56
57
58
59
60
61
62
63

h
[m]
0.14
0.08
0.08
0.10
0.05
0.03
0.10
0.05
0.04
0.17
0.03
0.07
0.12
0.10
0.16
0.10
0.12
0.17
0.14
0.17
0.06
0.16
0.07
0.30
0.14
0.12
0.05

vśr
[m · s-1]
2.380
1.150
1.140
2.450
0.254
0.950
2.270
0.540
0.320
0.920
0.346
0.770
0.360
0.212
0.460
0.245
0.185
0.420
0.410
0.530
0.161
0.109
0.010
0.500
0.396
0.220
0.224

v*
[m · s-1]
0.024
0.009
0.008
0.036
0.009
0.009
0.034
0.014
0.007
0.022
0.003
0.004
0.010
0.038
0.008
0.004
0.002
0.011
0.011
0.017
0.005
0.007
0.001
0.003
0.010
0.0003
0.005

τ
[N · m-2]
0.58
0.08
0.06
1.28
0.08
0.08
1.16
0.19
0.04
0.51
0.01
0.01
0.09
0.01
0.06
0.01
0.005
0.12
0.13
0.31
0.03
0.04
0.005
0.01
0.10
0.001
0.03

Re
[-]
254721
70331
69719
187295
9709
21787
173534
41205
7935
119563
9785
20641
33025
18729
56265
18729
16971
54583
43880
68879
7385
12499
535
114670
42382
20182
8562

Re*
[-]
6422
2382
2089
9567
2401
2382
9097
3704
1778
6017
870
1010
1272
498
1651
524
256
1455
1489
3651
688
909
43
385
1304
45
707

Fr
[-]
2.03
1.30
1.29
2.47
0.36
1.75
2.29
0.77
0.51
0.71
0.64
0.93
0.33
0.25
0.37
0.25
0.17
0.33
0.35
0.41
0.21
0.09
0.01
0.29
0.34
0.20
0.32

Fr*
[-]
0.013
0.005
0.004
0.019
0.005
0.005
0.018
0.007
0.004
0.012
0.002
0.002
0.007
0.005
0.005
0.003
0.001
0.009
0.009
0.011
0.004
0.005
0.001
0.002
0.008
0.001
0.004

The highest values of depth-averaged velocity were recorded on the ramp of the structure in its central,
lowered part, causing concentration of the flow. At points: 34, 37, 40 and 43, the velocities were above
2.00 m · s-1 (maximum 2.45 m · s-1 at point 40). Also in the energy-dissipating pool and in the marginal
parts of the ramp, the velocities were quite high, amounting to 1.00–2.00 m · s-1. At point 29 (in the central part of the energy-dissipating pool) the highest values of depth-averaged velocity and bed shear stress
were observed, amounting to 0.053 m · s-1 and 2.85 N · m-2, respectively. Also above, in the central, lowered part of the ramp (points 34, 40, 43), high values of shear stress (1.16–1.61 N · m-2) were recorded.
Among all the measurement points on the rapid hydraulic structure, the lowest values of tangential stress
(0.01–0.51 N · m-2) were those recorded on the upper concrete sill. The highest value of Froude number,
2.47, was recorded at point 40 (the middle of the ramp in its central, lowered part). Subcritical flow over
the structure occurred at the points situated on the upper sill and at the marginal parts of the lower sill and
the energy-dissipating pool.
Table 2: Hydrodynamic parameters (series 2).
CrossPoint
h
section
number
[m]
V–V
1
0.40
30 m downstream
2
0.44
3
0.30
IV – IV
4
0.05
22 m
5
0.50
downstream
6
0.28
of the pool
7
0.10
III – III
8
0.50
15 m
9
0.76
downstream
10
0.36
II – II
11
0.44
12
0.40
8m
13
0.83
downstream
14
0.12
of the pool
15
0.50

vśr
[m · s-1]
0.780
0.760
0.530
0.264
0.780
0.570
0.248
0.430
0.520
0.390
0.045
0.270
0.960
0.158
0.074

v*
[m · s-1]
0.014
0.026
0.031
0.028
0.024
0.017
0.008
0.021
0.019
0.027
0.002
0.020
0.026
0.006
0.011
125

τ
[N · m-2]
0.20
0.69
0.94
0.77
0.58
0.28
0.06
0.43
0.37
0.73
0.005
0.41
0.74
0.03
0.13

Re
[–]
238514
255638
121550
10091
298142
122009
18959
164361
302118
107331
15136
82562
609128
14494
28285

Re*
[–]
2060
5462
4350
4090
5005
3513
1085
3063
4029
3840
250
4218
12083
1234
1261

Fr
[–]
0.39
0.37
0.31
0.38
0.35
0.34
0.25
0.19
0.19
0.21
0.02
0.14
0.34
0.15
0.03

Fr*
[–]
0.010
0.016
0.023
0.020
0.015
0.010
0.006
0.015
0.012
0.020
0.002
0.012
0.035
0.004
0.009

Crosssection
I–I
4m
downstream
of the pool
N
centre of the
energy-dissipating
pool
GD
lower concrete sill
of the RHS
PS
ramp
of the RHS

GG
upper concrete sill
of the RHS
I’ – I’
4m
upstream
of the RHS
II’ – II’
8m
upstream
of the RHS
III’ – III’
15 m
upstream
of the RHS

Point
number
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41
42
43
44
45
46
47
48
49
50
51
52
53
54
55
56
57

h
[m]
1.05
0.16
0.60
0.09
0.94
0.10
0.14
0.18
0.15
0.05
0.08
0.06
0.12
0.03
0.06
0.12
0.08
0.08
0.10
0.05
0.05
0.15
0.08
0.06
0.20
0.05
0.05
0.21
0.14
0.32
0.14
0.12
0.24
0.10
0.20
0.15
0.12
0.28
0.11
0.20
0.16
0.12

vśr
[m · s-1]
0.010
0.128
1.120
0.042
0.148
0.770
0.650
2.100
0.330
0.780
0.770
1.420
2.860
0.680
0.860
2.050
0.960
1.140
1.980
1.040
0.930
1.560
0.870
0.660
1.070
0.600
0.570
0.400
0.169
0.690
0.368
0.164
0.540
0.330
0.530
0.246
0.152
0.680
0.400
0.600
0.264
0.344

v*
[m · s-1]
0.001
0.008
0.030
0.006
0.007
0.016
0.028
0.050
0.009
0.015
0.006
0.013
0.069
0.011
0.012
0.038
0.013
0.040
0.051
0.044
0.025
0.045
0.014
0.007
0.034
0.012
0.007
0.024
0.008
0.018
0.015
0.009
0.025
0.012
0.015
0.012
0.008
0.012
0.038
0.023
0.020
0.019

τ
[N · m-2]
0.001
0.06
0.87
0.04
0.04
0.27
0.81
2.48
0.07
0.23
0.04
0.16
4.82
0.11
0.15
1.45
0.16
1.57
2.59
1.97
0.60
2.04
0.20
0.04
1.12
0.15
0.06
0.56
0.06
0.31
0.23
0.08
0.62
0.13
0.23
0.15
0.06
0.14
1.45
0.51
0.40
0.36

Re
[–]
8027
15656
513722
2890
106353
58864
69567
288969
37841
29814
47091
65133
262365
15595
39447
94030
58711
69719
105955
39752
35548
178885
53207
30273
163596
22934
21787
64215
18087
168794
39385
15045
99075
25227
81034
28209
13944
145555
33637
91736
32291
31557

Re*
[–]
131
901
6167
698
737
4388
7594
13313
2308
4081
1661
3402
18585
2834
3257
10181
3360
10605
13615
11871
6566
12071
3820
1778
8967
3267
2006
4954
1582
3677
3147
1898
5201
2425
3194
2515
1670
1592
5193
4729
2722
2594

Fr
[–]
0.01
0.10
0.46
0.04
0.05
0.78
0.55
1.58
0.27
1.11
0.87
1.85
2.64
1.25
1.12
2.67
1.08
1.29
2.39
1.48
1.33
1.29
0.98
0.89
0.76
0.86
0.81
0.28
0.14
0.39
0.31
0.15
0.35
0.33
0.38
0.20
0.14
0.41
0.39
0.43
0.21
0.32

Fr*
[–]
0.001
0.007
0.018
0.005
0.005
0.009
0.015
0.027
0.005
0.008
0.003
0.007
0.037
0.006
0.007
0.021
0.007
0.021
0.027
0.024
0.013
0.024
0.008
0.004
0.018
0.007
0.004
0.015
0.005
0.011
0.009
0.006
0.015
0.007
0.009
0.007
0.005
0.009
0.029
0.014
0.015
0.014

Table 2 presents hydrodynamic parameters determined during the second series of measurements in June
2010. During the flood in May 2010, the channel changed its geometry. Directly downstream of the RHS
(cross-section “I – I”), pools formed at both sides of the channel (0.94 m and 1.05 m deep), with low values of depth-averaged velocity (0.148 m · s-1 and 0.010 m · s-1 for the right and left pool, respectively)
and tangential stress (0.001 – 0.005 N · m-2 for the right pool and 0.04 – 0.13 N · m-2 for the left one).
Downstream of the structure, dynamic velocity attained the highest values of the 0.026–0.031 m · s-1 and
shear stress those of 0.69 – 0.94 N · m-2. Closer to the banks, where the flow velocity was lower, the values of shear stress were lower than in the middle part of the channel (0.13 – 0.62 N · m-2). Turbulent and
subcritical flow occurred at all investigated points.
The highest values of depth-averaged velocity, 2.86 m · s-1, and shear stress, 4.82 N · m-2, were recorded on the lower sill (point 28). At the majority of the remaining points, high values of tangential stress
occurred as well (2.48 at point 23 in the energy-dissipating pool, 1.45, 1.57, 2.59, 1.97 and 2.04 N · m-2
respectively at points 31, 33, 34, 35, 37 on the ramp and 1.12 N · m-2 at point 40 on the upper sill). The
high values of this parameter are connected with the high values of depth-averaged and dynamic velocity,
and the large water turbulence. Such conditions on the RHS were created pools to the lowering applied in
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order to concentrate the stream. In the energy-dissipating pool, supercritical flow occurred only at two
points (23, 25), at the remaining ones subcritical flow occurred.
Upstream of the structure, depth-average velocity varied between 0.164 and 0.690 m · s-1, dynamic
velocity was in the range of 0.008 –0.038 m · s-1, and tangential stress – 0.06 – 0.62 N · m-2. Here, the
highest value of the stress, 1.45 N · m-2, was recorded at point 54.
The whole set of hydrodynamic data collected during the third series of measurements is not presented
in the paper but their analysis is presented below. Directly downstream of the RHS (cross-section “I – I”),
further scour of the pools occurred between the second and the third series of measurements. In spite of
the low water level, their depth increased (right pool) or remained the same (left pool) in comparison with
the series 2. Now the smallest values of dynamic velocity and tangential stress occurred at the pools, and
they equalled 0.001 m · s-1 and 0.001 N · m-2, respectively, for both pools. At the remaining points downstream of the structure, the values of tangential stress were lower than during the second series, which is
connected with the lower discharge and and dynamic velocity. Here, the highest values of shear stress
(0.38 N · m-2 at point 10 and 0.32 N · m-2 at point 4) were recorded in the thalweg. Turbulent flow occurred at all points except the pools in which transitional flow was observed. At all points below the
structure, the Froude number was below 1, so the subcritical flow occurred. The highest depth-averaged
velocity was recorded at point 18 (2.16 m · s-1) and point 20 (2.23 m · s-1). The highest dynamic velocity
and tangential stress occurred on the lower sill and in the central, lowered part of the ramp, amounting to
0.062 m · s-1 and 3.90 N · m-2, respectively. At the remaining measurement points, the stress values varied between 0.21 and 0.91 N · m-2. The exception was point 24 in the energy-dissipating pool, where the
value of this parameter equalled 0.03 N · m-2. The Reynolds number showed the occurrence of turbulent
flow. Supercritical flow occurred almost on the whole ramp and the highest value of Froude number,
3.18, was recorded at point 20.
The values of Froude number, Reynolds number and flow velocity measured on the structure are very
important for evaluation of the possibilities of migration of aquatic animals through the ramp. The ecological requirements that must be fulfilled by fish passes and similar structures, such as RHS, are formulated by DVWK (2002). The obtained data indicate that the RHS constructed on Porębianka Stream meets
these requirements.
5 CONCLUSIONS
1 Hydrodynamic parameters in the area of the rapid hydraulic structures which mimic natural riffles in
gravel-bed rivers depend closely on the location of the measurement point in relation to the individual
parts of the structure.
2 Hydrodynamic conditions in the areas of rapid hydraulic structures are highly diversified, which increases heterogeneity of the habitat conditions for benthic invertebrate fauna.
3 The highest velocities were observed on the slope apron of the RHS in the place of flow concentration.
At the same time, it is the place where fish and invertebrate can migrate along the structure under lowflow conditions.
4 The maximum, medium and dynamic velocities recorded upstream and downstream of the structure
are similar, which shows the proper functioning of the RHS.
5 The values of the shear stress depend directly on flow velocity and water turbulence as well as on the
dynamic velocity in all measured places of the investigated RHS.
6 Rapid hydraulic structures (sometimes called ramps) operate as low transversal structures mimicking
natural riffles, and thus they conform with the requirements of the Water Framework Directive of the
EU.
NOTATION
v
h
g
d
ν
νsr
Re*
Fr*

flow velocity [m · s-1]
water depth [m]
gravitational acceleration [m · s-2]
diameter of the grains on the channel bed [m]
coefficient of kinetic viscosity [m2 · s]
depth-averaged flow velocity [m · s-1]
particle Reynolds number
particle Froude number
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Pilot Fish Protection System in NRW – Unkelmühle/Sieg
Hydroelectric Plant
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ABSTRACT: The passability of river systems is a key prerequisite for the development of fish populations. Hence greater emphasis is being placed on keeping fish from entering water utilization systems that
could harm them and on mechanisms enabling them to migrate downstream. In order to test and improve
these techniques, the state of North Rhine-Westphalia constructed a pilot fish protection system at the
Unkelmühle Hydroelectric Plant. The hydroelectric plant is owned by RWE Innogy and is located on the
River Sieg, a key watercourse for salmon resettlement. The total flow of the plant’s three turbines is 28
m³/s. Three 10 mm bar screens with state-of-the-art rake cleaners and bypasses near the surface and the
bottom were installed. A biological and technical monitoring of the system for several years is planned
once it has been put into operation.
Keywords: Fish protection, downstream migration, bypass, hydroelectric power, Atlantic Salmon
1 INTRODUCTION
The life cycles of diadromous fish populations are highly dependent on upstream and downstream passability of river systems: salmon and sea trout migrate upstream to their spawning grounds as adults and
migrate downstream to the sea as juvenile smolts. In contrast inland watercourses are the growth habitat
for eels, which then migrate to the sea as silver eels.
The River Sieg is of paramount importance to the state of North Rhine-Westphalia (NRW), as salmon
and sea trout resettlement programs have been underway in this watercourse for some time. The dams and
weirs in the vicinity of the Rhine have been equipped with upstream fish ladders in the scope of these
programs. A monitoring station for upstream migration of adult salmon is in operation at the Buisdorf
Weir.
Although substantial progress has been made in reestablishing upstream passability, there are considerable technical and economic risks associated with equipping hydroelectric plants with effective mechanical protection devices to keep downstream migratory stages out of turbines. In cooperation with the
plant owner RWE, the state of NRW has therefore equipped the Unkelmühle Hydroelectric Plant (total
capacity = 28 m³/s) with a 10 mm bar screen. Additionally, improvements were made to the upstream fish
ladder and monitoring facilities were installed. The construction phase will be followed by a monitoring
phase (for assessing the ecological and technical success of the project) of at least 3 years.
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Figure 1. Unkelmühle/Sieg Hydroelectric Plant with new upstream bar screens, view from the upstream side.

2 IMPACT OF HYDROELECTRIC PLANTS ON FISH POPULATIONS
Lack of (upstream as well as downstream) passability impacts the life cycles of both diadromous and potamodromous fish populations. Because the migration routes of diadromous species by definition comprise the switch from the marine habitat to inland watercourses and also because the migration routes are
frequently quite long, these species are subject to a particularly high risk of injury at each site through
which they must pass. The historical trend in salmon populations and the hazard currently posed to eels
are well-known examples of this impact.
As far as migration routes are concerned, particular consideration needs to be given to the following
aspects:
In order for diadromous and potamodromous fish populations to complete their life cycles, it is essential that upstream passability be restored at every migration obstacle along the migration routes.
It is especially important that diadromous species are able to pass through migration obstacles such as
hydroelectric sites with as little harm as possible during downstream migration.
Impoundment structures exert a cumulative effect on fish populations in both migration directions: the
number of upstream migrants is successively thinned with each additional site that they need to pass
through. The number of hydroelectric plants to pass through limits the overall survival rate of downstream migrants that reach the receiving watercourse. In each case the overall efficiency of migration
plays a decisive role. A considerable amount of data on diadromous species has been obtained from detailed studies in river areas. For potamodromous species, however, there is a dearth of knowledge. Nevertheless migration efficiency has substantial impacts on these species as well.
A decisive factor in the upstream migration of diadromous species is how many fish starting from the
sea are able to reach their spawning or growth habitats in a reasonable time and without expending too
much energy. Overall efficiency is expressed as the accessibility index of the area. It declines in proportion to the number of transverse structures.
The sea accessibility index (= overall survival rate) is a decisive factor for diadromous species migrating downstream from freshwater habitats. As a rule the overall survival rate declines in proportion to the
number of hydroelectric plants that must be passed through.
The accessibility index for salmon smolts migrating downstream from spawning area M9 of the Sieg is
shown in Figure 2. 100 % start from the spawning area. There are losses at each passage of each hydroelectric plant; hence with the way the hydroelectric plants are currently designed, only 48 % of the salmon
reach the Rhine alive.
But if all of the hydroelectric plants were equipped with 10 mm bar screens, the overall survival rate of
salmon smolt would increase to 76 %.
The aforementioned interrelationships indicate that diadromous fish populations can only survive in
areas where a maximum number of passage sites along the migration route is not exceeded. In addition it
is necessary that certain material and structural requirements for the watercourses be fulfilled.
This knowledge is a direct indication of the need for identifying those watercourses in which diadromous species have a true chance for survival. These watercourses are potential habitats for development,
and priority should be given to making them passable in both migration directions. In NRW, the Sieg was
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selected as a priority anadromous watercourse. The furthest downstream hydroelectric plant on the Sieg is
the Unkelmühle site. All downstream migrating fish have to pass through this site. The Unkelmühle plant
thus plays a key role in the development of salmon populations. Hence in the scope of a joint project conducted by NRW and RWE it was equipped with an effective fish protection mechanism: a pilot facility
for testing and improving protection and downstream passage systems.

Figure 2. Current accessibility index of the River Rhine for salmon smolts migrating downstream from spawning areas M6 and
M9 in the Sieg (present situation). The Unkelmühle Hydroelectric Plant is site 2.

Figure 3. Accessibility index of the River Rhine for salmon smolts migrating downstream from spawning area M9 in the River
Sieg after equipping all hydroelectric plants with fish protection systems.
131

3 MEASURES FOR FISH PROTECTION AND DOWNSTREAM MIGRATION
The present state of technology can be described as follows:
Fish protection systems (unlike upstream fish ladders) must always be designed with specific target
species in mind. At each site and/or watercourse it is therefore necessary to determine first of all which
species need to be protected and how effective the protection measures need to be in order to ensure the
survival of the respective population.
The functionality of behavior barriers that make use of light, current, sound, and guide mechanisms
has proven to be inadequate.
Effective fish protection is only achievable with mechanical barriers consisting of bar screens with narrowly-spaced bars. In Germany the primary emphasis is on protecting diadromous species, wherein the
following design values must be applied (Arbeitsgemeinschaft Gewässersanierung (1998); Adam, B. et al
(1999)):
− Inflow velocity in the channel leading to the bar screen:
− Bar spacing for protecting salmon smolts:
− Bar spacing for protecting silver eels:

max. 0.5 m/s
max. 10 mm
max. 15 mm

Figure 4. Schematic design of a 10 mm bar screen with screen cleaner and bypass channel at a hydroelectric plant.

For 10 mm bar screens with vertical bars (which as a general rule are actually inclined at an acute angle to
the bottom), it is presently possible to construct screen units (including a screen cleaning machine) with
flow capacities of up to ca. 30 m³/s. If such bar screen arrays are correctly designed and installed, they
will not interfere with the operation of the hydroelectric plant. Sufficient practical experience has shown
that losses at the bar screen can be minimized by providing a sufficiently large surface area, efficient
screen cleaning machines and suitable screen profiles.
The flow capacity of 10 mm bar screens with horizontal bars is presently limited to ca. 50 m³/s per
unit.
Bypass mechanisms suited to each target species must be provided. The latter can often be combined
with mechanisms for ensuring the onward movement of floating debris.
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4 ELEMENTS OF THE UNKELMÜHLE PILOT SYSTEM
The reconstruction of the hydroelectric plant consisted of the following measures:
The three bar screen arrays were equipped with 10 mm bar screens and state-of-the-art screen cleaners.
The bar screen arrays were equipped with different screen profiles in order to study the hydrodynamic
and biological suitability thereof.
The drive system channel was deepened in order to reduce the inflow velocity to 0.5 m/s.
Reinforcing structures were installed beneath the bar screens in order to enable them to withstand high
compression stresses induced by a potential complete obstruction of the bar screen (due to a screen cleaner breakdown).
The bar screens are inclined at an acute angle to the horizontal and are equipped with a common flushing sluice across the top. This sluice ensures the forward movement of debris and also serves as a bypass
for fish swimming near the surface.
A Bottom Gallery® opening into a lateral catch tank was installed in the bottom of the channel in front
of the bar screen for fish swimming near the bottom (especially silver eels).
Upstream passability was improved by constructing a vertical slot fish pass to replace the selectively
operating Denil-type fish pass.
Upstream and downstream migration monitoring stations were established.
Double protection systems (intake gates) were installed in front of the bar screen arrays so that the latter can be drained individually in order to perform inspections and make any necessary changes.
Lateral flushing sluices to ensure the removal and onward movement of debris. Flushing is especially
necessary for bar screens with closely spaced bars in order to cut down on the volume of debris passing
through the bar screen.
Two sluice gates were renovated, including the concrete construction.

Key:
1
2
3
4
5
6
7

= Unkelmühle Hydroelectric Plant
= 10 mm bar screen and cleaners
= Headrace channel
= Tailrace channel
= River Sieg
= Upstream fish ladder
= Downstream monitoring station

Figure 5. Layout of the Unkelmühle Hydroelectric Plant with vertical slot pass and three-bay 10 mm bar screen array.
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Figure 6. Three-bay bar screen array with flushing channel in the back.

5 BYPASS MECHANISMS OF THE UNKELMÜHLE PILOT SYSTEM
The downstream passage mechanisms comprise the following elements:
Surface bypass openings for salmon smolts in the top area of the fish protection screens. Each bar
screen array was equipped with two openings leading to the transverse flushing channel. Adaptors can be
used to change the shape of the openings in order to permit optimum downstream migration of salmon
smolts while at the same time minimizing the loss of water to run the turbines. The numbers of fish migrating downstream can be recorded at the downstream monitoring station.

Figure 7. Flushing channel and surface bypass openings for salmon smolts in the top area of the fish protection screens.

Three eel pipes staggered in height were arranged in the left bar screen chamber. Separate monitoring
tanks make it possible to assess how effectively each pipe permits downstream passage of silver eels.
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Figure 9. Monitoring station for fishes migrating downstream through the surface bypasses.

6 CONCLUSION
Hydroelectric plants have impacts on fish populations, particularly on diadromous populations because
the migrating fish may be injured by turbines as they pass through. Various systems for minimizing the
injury rate or to keep fishes from entering the turbines are currently under development. These protective
mechanisms consist of screens with a narrow clearance between bars so that the fish are unable to pass
through the barriers. For further developing and in particular for testing such fish protection mechanisms,
the German state of North Rhine-Westphalia in collaboration with RWE Innogy installed the Unkelmühle
pilot system on the Sieg. A screen with a 10 mm bar distance and a total flow of 28 m³ was installed
there. Bypasses were also provided for the salmon smolts swimming near the surface and for the silver
eels swimming along the bottom. The functionality of the system will undergo technical and biological
testing in the scope of a multi-year monitoring.
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ABSTRACT: The goal of this work is to characterize the flow on a gully, occurring on both drainage and
surcharged conditions. To do so, measurements of flow velocity were made using an acoustic Doppler
velocimeter on a 1:1 scaled model of a gully, as well as video recordings. The flow fields and turbulence
were quantified. In addition a qualitative analysis of the air inside the gully is given, based on the
recordings. Similarities were found between the flow rates, for both drainage and surcharged flows,
namely: for surcharged flow, a strong anticlockwise is observed on the left side of the gully, while the
right side displays almost negligible velocities; for drainage flow there is one large vortex above the
orifice, which ascends with the increase of the flow rate, and larger quantities of air are present which are
then subsequently reduced with the increase of the flow rate; finally, for the drainage flow, the turbulence
increases along the horizontal axis.
Keywords: urban drainage, gully, surcharged flow, direct flow

1 INTRODUCTION
A gully is one of the linking elements between the surface and the sewer of an urban drainage system. Its
function is to conduct the excess rainfall from the surface to the sewer, but sometimes, when the incoming
flow of an upstream sewer pipe is higher than the discharge capacity of the downstream sewer pipe, the
flow is reversed. This may happen during an intense precipitation event or a flood. In this case, the
drainage system will be contributing to the flood, instead of mitigating it. The study of a drainage system
thus implies the study of its linking elements.
Several studies regarding gullies have been made. The hydraulic efficiency of gullies was studied by
Goméz and Russo (2007) and Goméz and Russo (2009). The latter studied longitudinal gullies. These
studies focused on the effect of the gratings on the hydraulic efficiency, but only for drainage conditions.
Djordjević et al. (2011) used experimental results of drainage and surcharged flows to determine
discharge coefficients and to compare with numerical simulations.
Under the Multiple Linking Elements project, taking place on the University of Coimbra, several
numerical simulations have been made, including Carvalho et al. (2011) and Carvalho et al. (2012), who
studied the hydraulic behavior of a gully with drainage and surcharged flow. Martins et al. (2012) and
Lopes et al. (2012) presented 3D numerical simulations of the gully under drainage and surcharged flow
conditions, respectively, whose results were compared with experimental water heights obtained on the
1:1 scaled model also used in this work.
Continuing the works above mentioned the present work aims to characterize the direct and reverse
flow in a gully, using a 1:1 scaled model. Flow velocity was measured on several points inside the gully,
using a Nortek AS® 10MHz acoustic Doppler velocimeter (NDV). This data was used to characterize the
average flow velocity and turbulence of the flow, for the drainage flow. A qualitative analysis of the air
entrainment is also presented, based on 30 s videos of each flow rate.
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2 EXPERIMENTAL FACILITY
A 1:1 scaled model of a gully was set up inside the multipurpose hydraulic channel at the Hydraulics
Laboratory on the Civil Engineering Department of Coimbra University. The water was supplied to the
channel by a constant head tank, and then it flowed through a 50 cm wide, 50 cm deep and 10 m long
acrylic channel, with a 1% slope. The gully model is a 30 cm wide, 30 cm deep and 60 cm long acrylic
box, with a circular orifice at the center of the bottom of the box, 8 cm in diameter, and an additional
6 cm long tube connected to the orifice. The top opening is uncovered. When simulating the surcharged
flow, a gate was set upstream the box, as well as a PVC pipe connecting the upstream flow to the gully
orifice. Figure 1 presents a scheme of the experimental facility.

Figure 1. Experimental facility set up for surcharged flow. For drainage flow, the pipe and the gate are removed. The water
flows from left to right.

3 METHODOLOGY
A 3D side looking Nortek AS® 10MHz acoustic Doppler velocimeter (NDV) was used to collect data to
calculate the average velocity field and turbulence, for the central longitudinal plane. The sampling
frequency was set to 1 Hz to the surcharged flow, and since this would return very low correlations for
the drainage flow, it was set at 25 Hz for the latter. The sampling time was always 180 s. The mesh
consists of points distanced 3 cm from each other. The NDV configuration did not allow measuring any
point from the bottom up to 5 cm height. The highest points were measured at 29 cm, whenever possible.
On the surcharged flow, the gully was always submerged, allowing these measurements, but for the
drainage flows it was not always possible, since the water height inside the gully varied and in some cases
it did not allow the NDV to be submerged. On the reverse flow the jet area presents high turbulence,
making the NDV measurements less reliable. For this reason, the mesh was adapted and there are no
points in the centre of the box and the two columns nearer the jet, one on each side, were moved 1 cm
away from the jet, which means they are 2 cm away from the others, on the horizontal direction, as
presented on Figure 2 (left).
The turbulence parameters were calculated only for drainage flow and for a smaller number of points:
near the walls, at the center of the gully and at the center of each side of the gully and at 5, 14 and 23 cm
height, as presented in Figure 2 (right). Considering that only the longitudinal plane is being studied, the
turbulence was calculated only on the streamwise and the vertical directions.

Figure 2. Mesh used for surcharged flow (left) and turbulence (right).
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Videos of each flow rate were recorded, using a Panasonic DMC-FS16 camera with 14 Mega Pixels
fixed on a tripod. The recordings were made on automatic mode with natural light. The frame rate was
30fps for the surcharged flow and 24 fps for the drainage flow; the shutter speed was always 1/30 s and
the aperture varied from f/4 to f/4.8. The videos lasted 30 s and were used to analyze the air inside the
gully, specifically the minimum and maximum air concentration observed.
The flow rates tested were 4, 5 and 6 l/s for the surcharged flow, and 15, 22, 32 and 42 l/s for the
drainage flow. These choices depended on previous works and their conclusions. For the surcharged flow,
flow rates lower than 4 l/s presented very low average velocities and the experimental facility limited the
maximum flow rate. For flow rates lower than 15 l/s, the drainage flow presented an air concentration
inside the gully so high that would not allow good measurements with the NDV. For flow rates higher
than 42l/s, most of the water would flow across the gully, and the results would not return any additional
information (Martins, 2011).
The Reynolds number (calculated as 𝑅𝑒 = 𝑈𝑑/𝜈 and as 𝑅𝑒 = 𝑈𝐻𝑢 /𝜈 for the drainage flow) varied
from 6.4x104 to 11x104 for the surcharged and from 8x104 to 11x104 for the drainage flow, and the
Froude number (calculated as 𝐹𝑟 = 𝑈/(𝑔𝑑)0.5 and 𝐹𝑟 = 𝑈/(𝑔𝐻𝑢 )0.5 for the surcharged and drainage
flow, respectively) was comprised between 0.90 and 1.34 for the surcharged flow and 1.80 and 2.00 for
the drainage flow. The summary of the experimental conditions is shown on Table 1. The water depth
was measured upstream, and the average velocity was calculated for the orifice with diameter d=0.08 m,
on the surcharged flow, and upstream, on the drainage flow.
Table 1. Flow rate, water depth, average velocity, Reynolds number, Froude number, and sampling frequency and time for
surcharged and drainage flow.

Drainage

Surcharged

Q4

Q (l/s)

Hu (m)

U (m/s)

Re (-)

Fr (-)

4

0.76

0.80

6.4x104

0.90

4

1.12

Q5

5

0.825

0.99

8.0x10

Q6

6

0.905

1.19

9.5x104

1.34

Q15
Q22
Q32

15
22
32

0.030
0.037
0.047

0.99
1.18
1.36

8x104
9x104
11x104

1.80
1.94
2.00

1.43

4

1.89

Q42

42

0.059

11x10

f (Hz)

t (s)

1
180
25

The data obtained by the NDV were post-processed using WinADV, version 2.028 (Wahl, 2000). The
post-processing included the elimination of spikes, using the phase-space threshold despiking method
proposed by Goring and Nikora (2002) and modified by Wahl (2003), the elimination of points in the data
series that presented a signal to noise ratio (SNR) lower than 5dB for the surcharged flow and 15dB for
the drainage flow (Lohrman et al., 1994), and the elimination of points that had lower correlation
coefficients. For the calculation of the average velocity, the correlation coefficient can be as low as 30%
(Sontek, 2001), but it was decided to apply a stricter filter first. For the calculation of the turbulence
parameters, and considering that Wahl (2000) suggests that samples with correlation coefficients lower
than 70% can provide good data when SNR is high and the flow is turbulent, samples with correlation
coefficients as low as 50% were not eliminated, which is a similar approach to that of Romagnoli et al.
(2012), who considered correlations as low as 45%.
4 RESULTS AND DISCUSSION
4.1 Correlation coefficient
The average correlation coefficients obtained during the samplings are presented in Figure 3. The values
vary from more than 80% to as low as 20%, as seen on the surcharged flow. The presence of turbulence
decreases the correlation coefficient. Its value was lower where it was expected the turbulence to be
higher, namely near the jet, for the case of the surcharged flow, and near the surface. The areas where
water is entering the box also present low correlations, specifically the upper left side for the surcharged
flow and the side for the drainage flow. For all cases, the correlation coefficient is higher near the walls.
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Surcharged
Drainage

Q4

Q5

Q6

Q15

Q22

Q32
Q42
Figure 3. Correlation coefficients for surcharged (above) and drainage (below) flows.

4.2 Average velocity field

Surcharged

The average velocity fields are shown on Figure 4, for both surcharged and drainage flows. The
maximum average velocity is presented for each flow rate. There is a similarity between the flow rates
analyzed for the surcharged flow and for the drainage flow either.

Drainage

Q4

Q5

Q6

Q15

Q22

Q32
Q42
Figure 4. Average velocity fields for surcharged (above) and drainage (below) flows.

The surcharged flow presents an anticlockwise vortex on the left side of the box that illustrates the
entrance of water in the gully. On the right side the velocities are quite low. Near the jet the velocities are
almost vertical and are the highest on the gully. There is an increase on the average velocities with the
increase on the flow rate, despite the fact that the highest maximum velocity was measured on Q5 instead
of Q6, as expected. This could be explained with the fact that the maximum velocity is located near the
jet, an area where the correlation coefficients are quite low, which makes the data less reliable.
The drainage flow is composed of only one clockwise vortex, and its center is located 20 to 25 cm
away from the upstream wall. With the increase in flow rate the vortex center “ascends”, and so do the
horizontal velocities near the bottom, that then become visible. The water entering the gully flows across
it, directly to the downstream wall. Here, part of it flows downwards into the gully, and the rest flows out
of the gully. The former is the main contributor to the flow exiting through the bottom orifice. There is a
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NOTATION
<uiuj>
d
f
Fr
g
Hu
k
Q
Re
t
U

ν

Reynolds stresses
orifice diameter
NDV sampling frequency
Froude number for the orifice
acceleration due to gravity
water height upstream the gully
turbulent kinetic energy
flow rate
Reynolds number
time
average velocity
kinematic viscosity
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ABSTRACT: The “double vortex” is a patented device originally invented by Dr. Eugene Natarius in order to efficiently admit and mix air into sewer systems. Examination of the general flow pattern via both a
conceptual and CFD model revealed that this device does indeed possess considerable potential to admit
and mix a large amount of air. This study explores and seeks to understand the flow mechanism through
which air is admitted and mixed. To this end, the program Fluent is utilized to perform a threedimensional two-phase flow analysis. Numerical experiments show that the device's elbow shape establishes a negative pressure at a high point inside the device, and that this mechanism is mainly responsible
for admitting air into the system, while its double vortex rotation by enhancing water and air mixing assists in downstream air movement. The negative pressure is primarily induced by the profile that causes
the hydraulic grade line to fall below the pipe’s centerline. To better understand the original device, the
alternative of a simple elbow with an air vent to admit flow to the top of a drop shaft is also numerically
investigated. The results show that this simple assembly also admits considerable amount of air into the
system through the same mechanism, although the large quantity of air intrusion constraints the flow and
causes air to partly separate from the water flow.
Keywords: Double Vortex, Aeration, Sewer System, CFD
1 INTRODUCTION
In general, vertical drop shafts are commonly used as compact hydraulic structures that safely connect a
higher energy flow upstream to a lower downstream energy level. These structures at least partly function
as energy dissipators where an annular hydraulic jump forming at the bottom of the shaft is a key component in this mechanical energy dissipation. Moreover, in wastewater systems they also function as an
aerator to increase the oxygen dissolved in the wastewater, which in turn helps to alleviate pipe corrosion
and odour problems (Natarius 2000).
The most important opportunity and challenge of these structures is the formation of large air pockets
in the vertical water column resulting from chaotic shaft water motion, which is then forced into the
downstream conduit. Air pocket that coalesce in the downstream conduit is often problematic and may
result in intermittent flow or even blowback if the buoyancy force acting on the air pocket exceeds the
flow-induced drag force (Falvey 1980). Moreover high levels of flow agitation in these structures enhance the emission of hydrogen sulphide (H2S), which could worsen odour issues locally (Churchill and
Elmer 1999).
To cope with the problems associated with vertical drop shafts, an innovative device like the vortex
drop structure with the Vortex Insert Assembly (VIA) was developed by Dr. Eugene Natarius (Natarius
2000). The VIA is a simple, pre-fabricated insert for existing or new drop structures. It has been shown to
appreciably reduce odour and corrosion issues on all types of sewer drops.
Recently a new type of drop shaft with a Double Vortex Inlet (DVI) assembly was proposed by the
same inventor to improve the performance of the VIA. This assembly works with fully pressurized flow
and is believed to require a lower drop height in order to perform well and to achieve the desired results.
Although this new assembly has not been field tested, the observations made on the performance of a
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small-scale physical model revealed good potential for sewer aeration and that the device could be effectively employed to alleviate the odour and corrosion issues in sewer systems. Unfortunately, little is presently known about the underlying physics driving the direct air entry into the system, which in turn complicates the setup of the design criteria for real applications and sometimes leaves designers leery to try
something that they do not completely understand. Thus, this study aims to shed light on the mechanism
under which air could be sucked or drawn into the system. A better understanding of the underlying physics would make it easier to refine and apply design criteria for field applications.
A brief overview of the mechanism governing the traditional vortex inlet drop shaft is a good departure point toward the physical understanding of DVI drop shaft structure.
2 VORTEX INLET DROP SHAFTS
A typical schematic of a (single) vortex inlet drop structure is shown in Figure 1. The open channel flow
approaching the structure contracts at the entrance by passing into the region of reduced cross-sectional
area. This section is designed such that a flow control section is established at the entrance. The critical
flow section hydraulically isolates the effluent system from the performance of the drop shaft structure.
The flow passing through the control section switches from subcritical in the effluent conduit to supercritical in the steep-sloped vortex channel where the flow is accelerated to achieve the required vortical
strength. The vortex flow causes the water to cling to the drop shaft’s walls and produces a well-defined
and stable air cone at the middle of the shaft. In such a design, the air column is not blocked anywhere
between the upstream and downstream ends of the vertical shaft, and thus large scale air intrusion to the
downstream conduit is avoided. Moreover, the vertical velocity of the water column motivates slight
negative pressures that in turn induce a weak air flow below the shaft. This flow can effectively limit the
development of unfavourable odours. The vortex nature of the flow also causes an inner pressure gradient
to be established just below the downstream water surface, and this is directly due to the annular hydraulic jump. The inward pressure gradient causes the air bubbles to move to the center of the shaft and thus
leaves the water to the air cone (Zhao et al. 2006). Another important superiority of the vortex drop shaft
over plunge-flow models is the enhancement and predictability of energy dissipation in the vortex drop as
the flow clings to the wall and gives rise to skin friction loss (Jain 1988). Although the energy loss is less
than that produced by the annular hydraulic jump, it can still reduce the force imposed by the fluid on the
bottom face of the drop shaft. In summary, vortex inlet drop structures can appreciably reduce odour and
corrosion problems in sewer systems through increasing the oxygen dissolved in the sewer flow, and by
reducing the turbulence-based agitation in the drop structure (Moeller and Natarius 2000).

Figure 1. Typical vortex inlet drop shaft (left- inflow; right-outflow)
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3 DOUBLE VORTEX INLET DROP SHAFT
The double vortex inlet drop shaft (hereafter often referred to as DVI), is naturally related to the device
just described in the previous section, but it also differs from it in several key ways as well. First, the new
device is designed to work under fully pressurized flow and it is believed to require a lower drop height
in order to perform as designed. Unfortunately, little information is presently available regarding the performance of the DVI structure, with the exception of a video showing a small-scale model of the device.
The track/path of the flow in the structure/system can be explained by considering geometrical drawings
of the double vortex inlet device (Figure 2).

(A)

(B)

(C)

Figure 2. Three dimensional geometrical model of DVI: (A) general view, (B) flow path in upper chamber, and (C) flow path
in lower chamber

The effluent conduit is split into two pipes at the entrance of the device and each pipe then feeds a distinct
chamber in such a way that the flow in the upper chamber rotates in the opposite direction to the flow in
the lower chamber. The upper chamber flow is discharged to a sinkhole at the chamber’s center where the
flow is delivered to a vertical pipe collecting the flow from the lower chamber. An air vent at the top of
the upper chamber admits air into the system.
The experiments made on a small scale model of the DVI drop shaft show that the device does admit
the desired large quantity of air into the system; however, the air intrusion mechanism has never actually
been properly explained and/or documented. Figure 3 presents a few snapshot pictures from a video demonstrating the performance of the model device. The flow is completely air free when the air vent is
plugged (left picture) whereas it develops a bubbly flow with its characteristic milky colour once the air
vent is unplugged (right picture).

Figure 3. DVI device performance pictures

The key question that arises is whether the double vortex created in the chambers is responsible for the
significant air intrusion, or whether or not other factors/mechanisms are at play. Certainly, the pressure in
the upper chamber is obviously less than atmospheric since it allows air into the system. The next question is therefore whether the double vortex formation in the chamber can produce negative pressures in
the upper chamber, or whether any other mechanism induces the sub-atmospheric pressure at that point.
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To answer this crucial question, one should first consider the operational circumstances under which the
negative pressures could be induced in such a pipe system.
4 ORIGINS OF NEGATIVE PRESSURE
Negative or sub-atmospheric pressures can be induced in closed conduit systems under two fundamentally different conditions. First, it can occur if the system velocity locally increases due to a decrease in
the cross-sectional area. The velocity at which the negative pressure is created depends on the system
pressure and flow conditions; the higher the original pressure, the higher the required velocity. An example of this phenomenon is the pressure drop at the throat of a venturi tube in which the velocity increase
gives rise to a pressure reduction.
The negative pressure at the throat section can more easily be achieved when the upstream pressure
decreases due to a velocity increase in the throat section. The simple mechanism of a venturi has made it
an ideal device for the injection of Chlorine or other gases into closed conduit pipe systems. This mechanism is also useful for water pipe system aeration. Baylar et al. (2009) experimentally measured the
amount of air that intrudes into a venturi tube through the orifices installed at the throat. These authors
found that the device can perfectly admit air to the system provided that a negative pressure is established
in the throat section. However, this device can really only be implemented low pressure pipe systems because in the case of high pressure systems, the velocity required to bring the hydraulic grade line (HGL)
below the throat’s elevation is typically impractically high.
The second condition that could potentially induce a negative pressure in a pipe system occurs when
the HGL falls below the pipeline elevation profile. As an example, in a sufficiently long gravity system
where the pressure at the outlet section is equal to the atmospheric pressure, the HGL in the pipe system
can be obtained with fairly good accuracy by connecting the end of the pipe to the water surface of an upstream reservoir. The HGL in such a typical pipe system that discharges water to the atmosphere through
a short-vertical elbow is shown in Figure 4. As shown, the negative pressure can be expected across a
wide range of the system, with the maximum negative pressure value occurring at the end of the pipe and
this value is essentially equal to the height of the elbow, denoted by "h".

Figure 4. Negative pressure establishments in a typical pipe system

An easy way to investigate whether a high velocity is the source of the negative pressure in the double
vortex device is to inspect the flow path cross-sectional area through a three-dimensional geometrical
model. Figure 2 presents a geometrical model of the DVI device, as developed based on the available device prototype drawings. Flow paths are shown by arrows in the upper and lower chambers, and it is relatively clear that the potential flow cross-sectional area in the chambers is not reduced when compared to
the pipes feeding the chambers. Although non-uniform flow distribution caused by the vortex action in
chambers may still increase the velocity beyond that of the entrance pipes, the vortex flow is not strong
enough to give rise to a considerable velocity increase. This can be easily shown by applying the free vortex concept on the simplified flow pattern inside the chambers, as shown in Figure 5.
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Figure 5. Schematic velocity distributions inside the double vortex chambers

The free vortex flow assumption insists that the production of tangential velocity and curvature radius of
flow is constant, such that:
VR = C

(1)

In the current case, the constant on the right hand side of the above equation can be easily calculated by
applying the mass conservation law. The flow through the section P1-P2 can be calculated by the following equation:
R2

QP1− P 2 =  VHdr =
R1

R2

R 
HCdr
= HC ln 2 
r
 R1 
R1



(2)

where H = the height of chamber, R1, R2 = the radius of inner and outer chamber walls, C = vortex constant value, V = tangential velocity, R = streamline curvature radius.
Mass conservation requires that the flow passing through section P1-P2 is exactly equal to flow entering the system via the inlet pipe. Therefore, the constant coefficient, C, can be calculated as follows:
C=

D 2VI
QI
=
R 
R 
H ln 2  4 H ln 2 
 R1 
 R1 

(3)

where QI = inlet pipe discharge, VI = inlet pipe velocity, and D = inlet pipe diameter.
The above equation can be applied on the given example in order to investigate how the velocities
change inside the chambers. To this end, a DVI is considered with: D = 7.5 cm, upper chamber R1 and
R2 = 5, and 15 cm respectively, lower chamber R1 and R2 = 7.5, and 17.5 cm respectively, upper and
lower chamber H = 7.5 cm. With this information the maximum velocities inside the upper and lower
chambers for different inlet velocity are calculated by using Equations 1 to 3, and the results are summarized in Table 1.
As shown, the velocities in the upper chamber are just slightly greater than the inlet velocity, whereas
the velocities in the lower chamber are lower than the inlet velocity. It is evident that such velocity
changes cannot be responsible for the negative pressure and air intrusion to the system, particularly when
the extra turbulence induced by the interaction of the opposite rotating flow in the chambers that is not
considered in this simplified approach, acts to make the velocity field more uniform. While this is partially evident in the simple model, a more precise determination of the cross-sectional flow area is more
readily obtained through the use of a three-dimensional numerical analysis via computational fluid dynamics (CFD).
Table 1. Maximum velocity in upper and lower chambers
Inlet velocity Maximum velocity
Maximum velocity
(m/s)
in upper chamber (m/s)
in lower chamber (m/s)
2
2.14
1.85
3
3.22
2.78
4
4.30
3.70
5
5.36
4.63
6
6.44
5.56
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Based on hydraulic laws, the provisional conclusion at this point is that the significant air intrusion
into the DVI is likely primarily due to the device's elbow shape profile rather than the direct action of the
swirling flow formed in the chambers. A CFD analysis is an excellent tool for confirming this concept
because it can act to provide a precise velocity field within the DVI; information from which it is subsequently possible to justify the conclusions obtained from the simplified analysis. Furthermore, if the elbow shape of the DVI is the dominant cause of air intrusion, a CFD analysis of both a DVI and a simple
elbow with an air vent at the top, should ultimately yield similar results.
5 CFD ANALYSIS
5.1 Governing physics and employed model
The device’s geometry ensures that the true flow pattern in the system has strong three-dimensional characteristics and thus that pattern could be determined by a three dimensional hydraulic analysis, in which
all flow channels formed by internal and external walls of the device must be considered. Moreover, in
order to consider the air flow in the system, a two phase flow model is also critical.
Generally speaking, several different types of two phase flow regimes can potentially occur in systems, including bubbly flow, droplet flow, slug flow, and stratified flow (Falvey 1980). Visual observations of the double vortex device (see Figure 3) reveal that air does indeed move within the system and
this is most evident through the presence of the large number of small and diffused bubbles. Several different types of two phase flow models exist, including: the volume of fluid (VOF), Eulerian, and mixed
flow models. The mixed flow model is the most compatible model that can be used to resolve bubbly
flow motion and therefore is the preferred and employed model for this study. This numerical approach
can model the water and air phases by solving momentum and continuity equations for mixture, the volume fraction equation for the air phase, and the algebraic expressions for the relative velocity.
In this research the proven CFD software, Fluent V6.3 (Fluent Inc. 2006), is employed as the numerical tool of choice. A three dimensional algebraic model with slip velocity and with the standard k-ε turbulence model is selected as the computational model within Fluent.
5.2 Numerical results
A DVI device with the same properties discussed in the simplified hydraulic analysis is directly considered within the CFD analysis. A vertical pipe with an internal diameter of 15 cm and a height of 1.5 m is
assumed to collect water at the bottom of the lower chamber. The air vent size is 5 cm and the operating
flow rate is assumed as 17.7 L/s, such that the velocity in each inlet pipe is 2 m/s. For the sake of comparison, the internal diameter, vertical height, air vent diameter, and flow rate for the simple elbow model
are considered to be similar to those assumed for the DVI device. With this assumption, the entrance velocity to the elbow is 1 m/s.
In order to observe the hydraulic performance of the two different devices, a hydraulic model without
ventilation is first considered. In order to achieve this effect the air vent surface is blocked in both cases,
and a three dimensional hydraulic analysis is carried out for each case. Subsequently and in order to examine the potential for air intrusion and mixing, the air vent surfaces are unblocked and a two phase flow
model simulation is carried out for each case. The following sections discuss these two sets of numerical
results.
5.2.1 Without ventilation
To examine the hydraulic performance of the system in the absence of air intrusion, both the DVI device
and the simple elbow device were simulated in the single phase mode by considering the ventilation surfaces as isolated walls. In order to verify that a velocity increase in the upper and lower chambers of the
DVI is not the main cause of the induced negative pressure and subsequent air intrusion, the velocity
fields in the upper and lower chambers were inspected and are shown in Figure 6. It can be seen that in
general velocities in the upper chamber are higher than those in the lower chamber, and this is also predicted by the analytical model (see Table 1). Furthermore, it is evident that the velocities in both chambers do not significantly exceed the entrance velocity of 2 m/s; a result which is again in line with the
analytical results. Figure 6 shows that the velocities in both chambers increase with the distance away
from the outer wall and closer to the inner walls. This confirms our earlier assumption that the free vortex
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motion is dominant within the chambers. Overall, the numerical results confirm that the velocity change
is in itself not high enough to induce negative pressure and the air intrusion into the DVI device.

Figure 6. Velocity fields (in m/s) in the lower chamber (left) and upper chamber (right) of the DVI device

An inspection of the pressure distribution along both the DVI and the simple elbow devices reveals that
the shape of the profile is likely the key cause of the negative pressures. Figure 7 depicts the predicted
pressure distribution along the simple elbow and DVI devices. As shown, negative pressures having the
same distribution are evident in both devices. As expected, the negative pressures increase as one moves
vertically upwards towards the crown of each device. Since the velocities and the resulting head losses
are low in both cases, the negative pressure heads at each point are almost equal to the elevation of the
point relative to the elevation of the outlet section, or in other words to the height of the vertical section.
5.2.2 With ventilation
A two phase flow model simulation was performed for both the simple elbow and the DVI device in order
to investigate the potential for air intrusion and mixing. The numerical results show that in both cases a
significant amount of air is entrained into the system via the air vents. The total air flow rates that intrude
into the DVI and simple elbow devices are predicted as 35.2 and 52.8 L/s respectively, and these are
therefore almost 2 and 3 times higher than the system flow rate, respectively. These air flow rates produce
high velocities of 18 and 27 m/s within the vent pipes of the DVI and simple elbow devices, respectively.
Thus, not surprisingly, a small vent pipe could be used to create a flow restriction that could limit the air
flow into the DVI. In general and somewhat less expected, the predicted air flow in the simple elbow is
much higher than that in the DVI device. This result can be explained by considering the pressure distribution that is established within the devices, and these are shown in Figure 8.

Figure 7. Pressure (in Pascals) distribution along the DVI devices, and simple elbow without aeration
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Figure 8. Pressure distributions in the DVI and simple elbow devices with aeration

As shown, the top and bottom faces of the lower chamber of the DVI experience different pressures in the
range of 1510 to 714 Pa in the top face, and 741 to -22.9 Pa in the bottom face. The difference is primarily due to the head loss that occurs when the flow in the upper chamber and lower chamber are united. It
is also evident that the backup pressure required to push the flow through the sink hole affects the pressure at the air vent surface. The results show that the average pressure at the air vent surface of the DVI
device is -212 Pa (-0.022 m), whereas it is approximately -492 Pa (-0.05 m) at the air vent surface of the
simple elbow. This small pressure difference has a significant impact on the air flow, and thus makes the
simple elbow device more capable of inducing a larger air flow rate. This result is physically quite meaningful since a small vacuum pressure can yield large air flow in the air vents.
Further consideration of the pressure fields in the two devices shows that in both cases the air intrusion
acts to maintain most of the pressures at almost atmospheric, although residual negative pressures still exist in both cases and are slightly greater in the DVI device because of the higher air flow in the simple elbow.

Figure 9. Air void fraction in the different cross sections of the vertical pipes of the DVI and simple elbow devices

In order to investigate the air mixing capability of the two devices, the distribution of the air void fraction
across the vertical pipes was reviewed. Figure 9 compares the air void fraction across different cross sections of the vertical pipe of both devices. As can be seen at the top of the vertical pipes, the mixing is
generally poor and in both cases water and air are moving in distinct layers. Air in the DVI pipe tends to
flow in the middle and is also slightly deflected to the outer wall of the vertical pipe due to the action of
the swirling flow. In the simple elbow case, the air flows in a distinct layer near the outer wall. Improved
mixing is observed in both devices as the flow descends the vertical pipe, although in the simple elbow a
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distinct air flow layer tends to moves in the outer wall of the pipe. It is also worth noting that in the DVI,
the highest air void fraction zone in the cross section rotates counter-clockwise as the flow descends the
vertical pipe. This is due to the swirl flow that originates at the chambers and that subsequently propagates into the vertical pipe. Furthermore, in the cross sections where the flow leaves the device (i.e., Z = 1.5 m), the air void fraction varies between 1 and 0.5 in both devices. However, in the simple elbow case,
a good portion of the pure (i.e., non-mixed) air leaves the system in a single distinct layer.
Overall, the mixing appears to be better in the DVI device than in the simple elbow. Nonetheless, this
fact still cannot prove the superiority of the DVI over the simple elbow, because first the amount of air
flow in the simple elbow is much greater than that in the DVI and this can potentially compensate for the
difference in the air form that leaves the device. Second, in both cases the air flow that enters the devices
(i.e., up to 2-3 times the total system flow) significantly exceeds the amount by which air can be dissolved into water (i.e., 3-4% of the total system flow). Lastly, the overall simplicity may recommend the
simple device like an elbow in some applications.
6 SUMMARY AND CONCLUSION
The performance of the double vortex insert (DVI) device is analytically and numerically explored. Using
the basic hydraulic principles, it is analytically shown that the device's ability to entrain a large amount of
air is due to the elbow like profile of the device, and not due to the action of swirling (vortex) flow in the
chambers, as originally assumed. A 3-D CFD analysis further confirms this result. The analysis also confirms that the vortices in the upper and lower chambers are not in themselves strong enough to increase
the velocities in the chambers to a level that would yield negative pressures and lead to air intrusion. Furthermore, the results confirm that the elbow shape of the device is the key component in the establishment of workable negative pressures.
In order to evaluate the air intrusion and mixing capabilities of the device, and in order to make sure
that the elbow profile shape of the device is the main cause of the air intrusion, a three dimensional two
phase flow analysis is performed for both the DVI device and a simple elbow with an air vent having
similar geometrical and hydraulic parameters. The analysis results clearly show that both devices allow a
large amount of air to intrude into the system, thereby reconfirming the crucial role of elbow shape to the
DVI air intrusion behaviour. Furthermore, the results also surprisingly demonstrate that the potential air
flow in the simple elbow is significant. This can be explained by considering the resulting backup pressure in the upper chamber that is established in order to compensate for the head loss that occurs when the
upper chamber flow is united with the lower chamber flow within the sink hole. This backup pressure
partially increases the pressure at the air vent surface which in turn causes the reduction in the air flow.
Inspection of the air void fraction in the vertical pipes of both the DVI and the simple elbow device
shows that the DVI produces better mixing than the simple elbow. This is because the swirling flow that
propagates from the lower chamber to the vertical pipe and more efficiently mixes the air and water,
while a significant portion of air flow in the simple elbow tends to flow and leave the vertical pipe in a
distinct layer and without interacting with water.
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NOTATIONS
Q
V
R1
R2
H
C

discharge
velocity
the radius of the inner wall of the double vortex’s chambers
the radius of the outer wall of the double vortex’s chambers
the height of the double vortex’s chambers
free vortex constant
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V-Notch Weir Overflow: an Unsteady Calibration
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ABSTRACT: Thin-plate V-notch weirs are commonly used as measuring devices in flumes and channels.
Herein, the discharge calibration of a large 90º V-notch weir was performed using an unsteady volume
per time technique. The weir overflow was initially shut. The sudden opening of the gate was associated
with an initial phase of transient water motion associated with a negative wave propagating in the reservoir and the free-falling motion of a mass of fluid in the close proximity of the overflow behind the initial
wave. This initial phase was followed by a more gradual overflow motion which was affected by the seiche in the upstream reservoir. The integral form of the continuity equation was used to derive the relationship between flow rate and upstream water depth. The findings showed that the unsteady discharge
calibration of the V-notch weir yielded similar results to a more traditional calibration approach based
upon steady flow experiments, while allowing the rapid testing of a wide range of discharges.
Keywords: V-notch weirs, Unsteady calibration, Transient flow motion, Seiche, Physical tests
1 INTRODUCTION
A weir is a structure placed across a channel which raises the upstream water level and may be used to
measure the flow rate. A range of measuring weirs were developed (Darcy and Bazin 1865, Bos 1976,
Ackers et al. 1978). The V-notch thin-plate weir, also called triangular weir, has an overflow edge in the
form of an isosceles triangle. The Australian Standards (1991) expresses the discharge calibration of the
V-notch weir in the form:
Q = Cd 

8
 tan   2  g  h 5
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(1)

where Q = water discharge, Cd = dimensionless discharge coefficient,  = notch opening angle, g = gravity acceleration, h = upstream water depth above the notch (Fig. 1).
The contribution herein presents a novel approach to calibrate a large 90º V-notch weir using a volume
per time approach. A series of relatively large-size tests were conducted to measure the upstream water
level at high frequency following a sudden overflow opening. The results demonstrate the application of
the technique while they highlight the effects of seiche motion in the upstream reservoir.
2 PHYSICAL FACILITY AND INSTRUMENTATION
2.1 Equipment and instrumentation
New experiments were performed in a 2.36 m long, 1.66 m wide and 1.22 m deep reservoir with a 400
mm high 90 V-notch thin-plate weir located at one end (Fig. 2). The weir was made out of brass and designed based upon the Australian Standards (1991) and International Organization for Standardization
(1980). The notch was located 0.82 m above the reservoir invert. The weir overflow was initially closed
with a fast-opening gate hinging outwards and upwards (Fig. 2 & 3).
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Figure 1. Definition sketch of a V-notch weir overflow

Figure 2. Reservoir and V-notch overflow, with the V-notch overflow gate closed (foreground right) - The displacement meters are mounted above the reservoir

The water depth was measured using a pointer gauge in steady flow conditions. The unsteady water depth
was measured with three acoustic displacement meters MicrosonicTM Mic+25/ IU/TC. The sensors were
located 1.11 m upstream of the weir. Their range was 250 mm and they were positioned in an overlapping
fashion to cover the full height of the weir (400 mm). The data accuracy and response of the sensors were
0.18 mm and 50 ms respectively (http://www.microsonic.de). All the displacement sensors were synchronised and sampled simultaneously at 200 Hz. Additional visual observations were recorded with two HD
digital video cameras, two dSLR cameras and a digital camera. The cameras were placed around the reservoir at various locations to cover both the water motion in the reservoir and the weir overflow during
each run. Further details on the experiments, including some digital video movies, were reported in Chanson and Wang (2012).
2.2 Physical investigations
Prior to each run, the reservoir was filled slowly to the brink of the brass plate. The water was left to settle for at least 5 minutes prior to start. The experiment started when the gate was opened rapidly and the
water level was recorded continuously for 500 s. The gate opening motion was recorded at 60 fps and the
opening time was less than 0.15 s to 0.2 s. Such a rapid opening time was small enough to have a negligible effect on the water motion in the reservoir. After the sudden opening, the gate did not intrude into the
overflow flow as illustrated in Figure 3.
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Altogether five runs were conducted starting with an initially steady water level ho above the lower
edge of the notch: ho = 0.400  0.002 m. The measured fluctuations in initial upstream water level were
less than 0.3 mm prior to the gate opening.

Figure 3. Overflow sequence (Run 1) - Camera: Pentax K-7, lens: Pentax FA31mm f1.8 Ltd, shutter 1/80 s - From Left to
Right, Top to Bottom: t = to, to+0.19 s, to+0.38 s, to+0.58 s, to+8 s, to+18 s

3 BASIC OBSERVATIONS
The gate opening was rapid. Figure 3 illustrates a typical overflow sequence. The unsteady overflow consisted initially of a transient phase followed by a gradually-varied overflow motion. The sudden gate
opening caused the generation of a negative wave propagating upstream into the reservoir (Fig. 4) and a
free-falling motion in the close vicinity the overflow behind the wave. Figure 4 illustrates an instantaneous snapshot. The initial phase lasted less than 0.45 s: that is, for t×(g/ho)1/2 < 2.23 with t = 0 at the start
of the gate opening. Only a limited mass of water was reached by the initial wave; the rest of reservoir
was still unaffected by the sudden opening. The negative wave leading edge had a quasi-circular arc
shape illustrated in Figure 4. The resulting equipotential lines in a plan view highlighted the flow contraction under the action of gravity. The free-surface shape appeared somehow similar to the inlet shape of a
minimum energy loss (MEL) structure with its curved profile (Apelt 1983). The design of a MEL struc163

ture was developed to pass large floods with minimum energy loss, hence with minimum upstream flooding (Chanson 2003). The MEL weir inlet is curved in plan to converge smoothly the chute flow (Fig. 5).
Figure 5 shows the inlet of a minimum energy loss (MEL) spillway inlet. Note the analogy of shape between Figures 4 and 5.

Figure 4. Negative wave and initial free-falling motion behind observed for t×(g/ho)1/2 < 2.2 (Run 1) - The arrow points to the
negative wave leading edge

Figure 5. Inlet of the minimum energy loss (MEL) weir spillway of Lake Kurwongbah (Petrie QLD, Australia) on 22 May
2009 during a small overflow

The initial phase was followed by a gradually-varied phase during which the overflow presented a quasisteady flow motion. Some typical time-variations of the upstream water depth are illustrated in Figure 6.
The ensemble-averaged water depth data were best fitted by:
h
12.72
=
0.696
ho 

 t  g + 37.62 


ho



for 2.5 < t×(g/ho)1/2 < 2,400 (2)

with a normalised correlation coefficient of 0.9999. During the initial phase, the time-variation of the water depth exhibited a different shape as shown in Figure 6 (Right).
The rapid gate opening generated some disturbance in the reservoir with the propagation of a threedimensional wave illustrated in Figure 4. The reflections of the negative wave on sidewalls and end walls
yielded some complicated three-dimensional wave motion associated with some seiche. Both longitudinal
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and transverse sloshing motions were observed. Figure 7 presents a typical water depth signal. The data
highlighted some pseudo-periodic oscillations about a mean data trend (Fig. 7). Some frequency analyses
of the de-trended water depth signals were performed. The results compared favourably with the first
mode of natural sloshing in the longitudinal and transverse directions of the intake basin, whose frequencies were respectively:
2L

FL =

(3A)

g  (p + h )
2B

FB =

(3B)

g  (p + h )

where L = reservoir length, B = reservoir width and p = notch elevation above reservoir invert (Fig. 1).
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Figure 6. Dimensionless time-variations of the upstream water depth (Run 2) - Left: comparison between data and Equation
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4 DISCUSSION
The instantaneous discharge Q through the V-notch weir was estimated using the integral form of the
equation of conservation of mass for the water reservoir:
dVol
= −Q
dt

(4)

where t = time and Vol = instantaneous volume of water in the reservoir:
(5)

Vol = L  B  ( h + p)

with p = weir notch height above invert (Fig. 1). Equation (5) implicitly assumes that the reservoir freesurface was horizontal and neglects the local drop in water surface in the close vicinity of the overflow
where the fluid particles are accelerated. The approximation was deemed reasonable considering the large
reservoir surface area. Combining Equations (4) and (5), this gives an expression for the instantaneous
overflow discharge:
Q = −L  B 

dh
dt

(6)

In the present study, Equation (6) was calculated based upon the smoothed water depth data. All the data
are presented in Figure 8 by preserving every Nth point where N is the smoothing window size in points:
e.g., N = 300 for a smoothing window of 300 points. Chanson and Wang (2012) tested systematicaly
three smoothing window sizes: 300, 600 and 1,200 points. Qualitatively a smoothing window of 300
points was relevant immediately after the gate opening, while a smoothing window of 1,200 points was
best suited during the gradually-varied phase.
Overall the data were best correlated by:
Q
g  ho  h o2

 h 
8
= 0.58   2   
15
 ho 

5

(7)

and Equation (7) is shown in Figure 8.
The data analysis yielded basically a dimensionless discharge coefficient Cd = 0.58. The result was
close to a number of earlier studies in steady flow conditions (Lenz 1943, Trokolanski 1960, Herschy
1995). Simply the present findings showed that the unsteady discharge calibration of the V-notch weir
yielded similar results to a more traditional calibration approach based upon steady experimental conditions.
For completeness, some unsteady experiments were conducted with a large two-dimensional orifice
flow discharging vertically (Chanson et al. 2002). The results followed closely the following discharge
equation:
Q
g  ho  A

= Cd  2 

h
ho

(8)

where A = orifice cross-section area and Cd = 0.58 (Chanson et al. 2002). Since A = h2 for a 90 V- notch
weir, Equation (8) yields a result somehow similar to Equation (7).
Note that the present approach enabled the calibration of the weir over a relatively wide range of water
discharges (Fig. 8). Lastly, the physical tests were conducted for 0.022 m < h < 0.40 m. Although the results herein focused on water depths within the range 0.025 m < h < 0.40 m, the Reynolds number became less than 1×104 for h < 0.038 m. It is conceivable that viscous scale effects might affect the findings
for the smallest water discharges.
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Figure 8. Relationship between instantaneous discharge Q and upstream water depth h - Comparison between data and Equation (7)

5 CONCLUSION
A large 90º V-notch thin plate weir was calibrated using an unsteady volume per time technique. The Vnotch weir overflow was initially closed. The sudden opening of the overflow gate induced an initial
phase dominated by the upstream propagation of a negative wave into the reservoir and the free-falling
motion of a volume of fluid in the vicinity of the overflow. The water volume affected by the sudden
opening was encompassed by a quasi-circular free-surface arc. Later the overflow motion became gradually-varied while some seiche was observed in the reservoir. The dominant frequencies of the water depth
fluctuations compared favourably with the first mode of natural sloshing in the longitudinal and transverse directions of the reservoir, even though the wave motion was three-dimensional.
The relationship between water discharge and upstream water depth was derived from the integral
form of the continuity equation based upon high-frequency water depth signal. The results yielded a dimensionless discharge coefficient Cd = 0.58 close to previous studies of 90º V-notch weirs and to an unsteady orifice experimental study. The present findings showed that the unsteady discharge calibration of
the V-notch weir yielded similar results to a more traditional calibration approach based upon steady flow
experiments. The present technique enabled further a calibration of the weir for a relatively wide range of
upstream water levels.
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NOTATION
Cd
B
FB
FL
g
h
ho
L
p
Q
t
Vol

ρ

dimensionless discharge coefficient
reservoir width
frequency of first mode of natural sloshing in the transverse direction
frequency of first mode of natural sloshing in the longitudinal direction
gravity acceleration
upstream water depth measured above the notch
initial upstream water depth measured above the notch
reservoir length
notch elevation above reservoir invert
water discharge
time since gate opening start
water volume in the reservoir
opening angle of the notch
fluid density
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ABSTRACT: Low-head control structures are widely used for river restoration problems. Their main
function is to control sediment transport. In the last decades, the increasing environmental sensibility has
forced hydraulic engineers to find solutions which could be able to solve the cited problem and, at the
same time, to assure a reduced environmental impact. Thus, several eco-friendly structural typologies
were tested. Mainly, this type of structures are made of natural elements disposed in different configurations and geometries and are not rigid like classical transverse concrete check dams, i.e. they can easily
adapt to the modified in situ conditions. Among these structure typologies, rock grade control structures
and stepped gabion weirs, in different hydraulic and boundary configurations, were analyzed. As all other
stream restoration structures, they have to be correctly designed in order to avoid structural problems and
assure their hydraulic functioning. One of the main problem is the stability of the toe. Thus a detailed
analysis was performed resulting in relationships by which it is possible to estimate the scour depth at the
toe of tested structures which was found quite close to the maximum scour depth in the stilling basin.
Keywords: Erosion, Rock grade control structures, Stepped Gabion Weirs, Structural stability
1 INTRODUCTION
Low-head structures have been widely used for river restorations purposes. In particular, they have the
function to regulate and control the sediment transport in natural rivers and, at the same time, they constitute a discontinuity in natural river morphology contributing to dissipate flow energy.
In the last decades, the increasing environmental sensibility forced hydraulic engineers to find solutions which could be suitable in terms of both hydraulic and structural efficiency and, at the same time,
eco-friendly. Thus, the actual tendency is to find and build structures whose impact on the surrounding
environmental contest is reduced. In particular, among this hydraulic structure typology, in the last decades “elastic” or “flexible” structures have assumed a great importance, i.e. structures which are characterized by the possibility to adapt to the in-situ conditions when changed. Generally, this type of structures are made of rocks of various dimensions which can be arranged either in loose configuration or in
selected one and are also used to re-convert traditional concrete check dams. Block ramps, stepped gabion
weirs, rock grade-control structures, block sills, etc., are typical examples of flexible rock made structures. Their advantage respect to traditional concrete structures is to be more easily adaptable to various
contests, especially in mountain streams. In addition, the surface roughness, due to protruding elements,
is a key peculiarity which contributes to make these structures more efficient in terms of energy dissipation. However, they present some peculiar and characteristic flow structures and their stability required a
considerable attention in order to prevent collapse and assure hydraulic functionality. Thus, several studies dealing with hydraulic performances and scour mechanisms occurring in the downstream stilling basin
were carried on. Nevertheless, despite the quite conspicuous technical literature present about block
ramps (see for example Whittaker and Jäggi (1986), Pagliara and Palermo (2008), Pagliara et al. (2008),
Pagliara et al. (2009), Pagliara and Palermo (2011) and Pagliara et al. (2011)), there is still a lack of
knowledge about both the hydraulic and scour processes involving gabion stepped weirs and rock gradecontrol structures.
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These two last structures present several similarities (in terms of flow characteristics on the structure
itself) with stepped concrete chutes. Significant contribution are present in literature dealing with flow
regimes occurring on stepped chutes. In particular, Chanson (1994) distinguished three different flow regimes: Nappe Flow, Transition Flow and Skimming Flow. Several Authors analyzed the transition between the different regimes and contributed to furnish a clear description of the parameters influencing
the phenomenon in the presence of stepped chutes (among these Rajaratnam (1990), Essery and Horner
(1978), Peyras et al. (1992), Chanson (1996), Othsu et al. (2000), Ohtsu et al. (2001), Boes and Hager
(2003) and Ohtsu et al. (2004)). Whereas, relatively few studies are analysing the flow characteristics on
the stepped gabion weirs and rock grade control structure (see for example Peyras et al. (1992), Chinnarasri et al. (2008) and Mohamed (2010)).
But, according to the Authors’ knowledge, there are very few studies which take into consideration
both the flow pattern (on the structure itself and in the stilling basin) in the presence of a downstream
movable bed. Just recently, Pagliara and Palermo (2012) analysed both rock grade control structures and
stepped gabion weirs, investigating both the flow characteristics on the structures and the hydraulic jump
forming downstream of them. They conducted experiments in a large range of conditions testing different
structure boundary configurations. In particular, they also analysed the scour process, proposing relationship by which, for each tested structure configuration, it is possible to estimate maximum scour depth and
scour hole length. However, for practical purposes, another important parameter needs to be analysed: the
scour depth at the toe of the structure. This parameter results to be very important in order to correctly design the structure. In fact, an excessive scour at the toe of the structure can lead to a structural collapse.
Thus, the aim of this paper is to analyse the scour at the toe of both rock grade control structures and
stepped gabion weirs in different hydraulic conditions and for different boundary configurations of the
structure. The analysis highlighted that there is a close relationship between the maximum scour depth
and the scour at the toe of the structures. Simple relationships are proposed in order to estimate the maximum scour at the toe of the analysed structures, both in terms of maximum scour depth and in terms of
non dimensional parameters.
2 EXPERIMENTAL SET-UP
Two series of experiments were conducted at PITLAB, the hydraulic laboratory of the University of Pisa.
Experiments were carried out using two different models and, for each model, different boundary structure conditions were tested. Models were located in a channel 0.30 m wide, 0.60 m deep and 6 m long.
The first series of experiments was conducted using a model simulating a rock grade control structure.
The model was built using uniform crushed rocks whose average diameter was D50=7 cm. Several rock
layers were located in the channel in such a way that the downstream face of the structure was characterized by a 45° slope. In addition, the rock layers were linked together using a silicon glue, thus the resulting permeability of the structure is practically negligible. In order to test structure height effect on both
flow pattern and scour process, two different structure heights H were tested. The height of the structure
was measured from the original initial bed level. The two grade control structures tested were termed B1
and B2, and their height was 10.3 and 13.7 cm, respectively. Nevertheless, the analysis was conducted
varying both hydraulic parameters and boundary structure configuration. In particular, a filtering layer
made by the same material constituting the stilling basin (trapped in an opportunely shaped 2x2 mm
squared holes iron net) was located upstream of the structure. The filtering layer had the same height of
the tested structure and the granulometric characteristics of the material by which it was filled were:
d50=4.78 mm, d90=5.7 mm, where dxx is the granular material diameter for which xx% is finer, non uniformity coefficient σ=(d84/d16)0.5=1.2 and density ρ=2645 kg/m3. In the presence of the filtering layer,
two different structure boundary conditions were tested, i.e. Bf and Bf-imp, respectively, where the subscript f indicates the presence of a filtering layer upstream of the structure and the subscript imp means
that an impermeable covering was adopted to make the filtering layer impermeable. Thus, in synthesis the
following grade control structure configurations were tested: B1 and B2, i.e. grade control structure with
different height but without any filtering layer upstream of them; Bf, i.e. grade control structure and upstream filtering layer; Bf-imp grade control structure and upstream impermeable filtering layer. Figure 1a
illustrates the tested configurations and reports the main hydraulic and geometric parameters. Namely, H
is both the structure and filtering layer height (when present), h the upstream water depth (measured from
the horizontal plane passing through the top of the structure), h0 the downstream water depth, zmax the
maximum scour hole depth, and zf the scour depth at the structure toe.
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The second series of experiments were conducted in the presence of a stepped gabion weir. Two base
stepped gabion weirs were tested and termed GW0 and GWimp. They were both simulated using superimposed layers of squared holes 1 cm x 1cm prismatic gabions, located in such a way that the downstream
pseudo bottom of the structure had a slope equal to 45° (see Figure 1b). The height of the structure measured from the original bed level was H=15.4 cm. The prismatic gabions were filled using rounded uniform stones whose average diameter was d50=1.2 cm. In addition, the steps were shaped in such a way
that their length (ws) and height (hs) was both equal to 5.13 cm. The main difference between the base
structure configurations tested is constituted by the presence of an impermeable covering (opportunely
shaped) on the upstream part of the structure. In fact, the structure GW0 was a simple gabion stepped
weir, in which the upstream flow could filter inside the structure also from the upstream side, whereas the
structure GWimp had an impermeable steel covering on its upstream part, thus water filtration could not
occur from the upstream side.
Also in this case, a filtering layer with the same structure height and containing the same stilling basin
material (as specified above) was used in order to simulate different boundary conditions. In particular, in
the presence of the base configuration GW0, a permeable filtering layer was adopted, thus obtaining the
configuration termed (GWf ). Whereas, for the base configuration GWimp, the filtering layer adopted had
an impermeable covering in order to not allow water filtering inside the structure from the upstream. In
synthesis, the tested structure configuration characteristics are the following: gabion stepped weir GW0,
i.e. base configuration with no impermeable covering on the upstream part of the structure; gabion
stepped weir GWimp, i.e. base configuration characterized by the presence of impermeable covering on the
upstream part of the structure; gabion stepped weir GWf, i.e. configuration characterized by the presence
of an upstream filtering layer, but no impermeable coverings are present, neither on the upstream part of
the structure nor on the filtering layer; gabion stepped weir GWf-imp, i.e. configuration characterized by the
presence of an upstream filtering layer, with impermeable coverings both on the upstream part of the
structure and on the filtering layer.
For the present experiments, the discharge Q ranged between 4 l/s and 11 l/s. Tests were conducted
varying the downstream water level h0 in the range 0.25<h0/H<0.82 and they lasted up to 120 minutes in
order to reach the equilibrium scour configuration. The hydraulic parameters were selected in order to
avoid live-bed conditions, i.e. a ridge was always present downstream of the scour hole. Both the water
depths and the scour lengths were measured using a point gauge 0.1 mm precise. In Figure 2a-b two pictures are reported, showing a rock grade control structure and a stepped gabion weir, respectively.
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Figure 1. Diagram sketch of (a) rock grade control structures and (b) stepped gabion weirs including the main geometric and
hydraulic parameters for various tested configurations
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Figure 2. Picture of (a) rock grade control structure and (b) stepped gabion weir

3 RESULTS AND DISCUSSION
3.1 Flow characteristics on the structures
The close analysis of the flow structure on both stepped gabion weirs and rock grade control structures
showed several similarities with stepped spillways, for which mainly three different flow regimes can be
distinguished: Nappe Flow, Transition Flow and Skimming Flow. Nappe flow regime is characterized by
a succession of plunging jets; whereas, in the case of Skimming Flow, the flow streams on a pseudobottom, below which vortex re-circulation takes place. The Transition Flow regime occurs when the water surface is quite undular and neither a direct jet impinging on the successive step nor a coherent flow
stream on the structure occur. It means that for this last regime the flow structure shows intermediate
characteristics between Nappe and Skimming Flow regimes. An example of Skimming Flow regime occurring on both a rock grade control structure and a stepped gabion weir is reported in Figure 2a-b, respectively.
Pagliara and Palermo (2012) analyzed the onset conditions characterizing the various regimes. In particular they specialized the analysis of Ohtsu et al. (2001) for the tested structure typologies. Namely,
Ohtsu et al (2001) proposed a classification of the various flow regimes valid for stepped chutes based on
two non-dimensional parameters: hs/kc and tanα, where hs is the step height, kc the critical flow depth and
tanα is the slope of the chute. They concluded that for tanα=1 (i.e. the case in which α=45°, the same
structure surface slope tested in the present study), the transition between Nappe and Skimming Flow occurs for 1<hs/kc<1.6. But, it has to be noted that the conclusion of Ohtsu et al (2001) are valid just for the
case in which the downstream water level does not submerge the structure. For the present tests, this condition is not preserved as several tailwaters were tested up to h0/H=0.82.
Pagliara and Palermo (2012) specialized the analysis of Ohtsu et al (2001) for the tested structures including the effect of the previous parameter (h0/H). They concluded that for rock grade control structures,
assuming hs=D50/2 (as stones are partially protruding), the transition between Nappe Flow regime and
Skimming Flow regime occurs for 0.9<hs/kc<1.1. Furthermore, they experimentally proved that the influence of both the parameter h0/H and the structure boundary configuration are relatively negligible on the
transition between the two regimes. This is mainly due to the fact that the tested rock-grade control structures are practically impermeable as stones are linked by using a silicon glue, thus no filtration process
from upstream can occur in the body of the structure.
Nevertheless, the authors conducted the same analysis for stepped gabion weirs concluding that Transition Flow regime mainly occurs for 1.1<hs/kc<1.5 for all the tested structure boundary conditions, even
if certain differences between the structure configurations (due to the fact that for some tested configura172

tions the structure is not impermeable) can be noted varying h0/H values. In synthesis, it can be noted that
the classification valid for the tested structures appears very similar to that proposed by Ohtsu et al (2001)
in the case in which tanα=1.
3.2 Hydraulic jump features
Two hydraulic jump typologies can be distinguished downstream of these structure typologies in the tested range of parameters. Namely, based on the hydraulic jump analysis performed by Pagliara (2007),
Pagliara and Palermo (2012) stated that the hydraulic jump in the stilling basin can be either FMB or SMB.
FMB type is characterized by a clock wise flow circulation in the stilling basin. Furthermore, the sediment
transport in the scour hole is directed both downstream and upstream. This occurrence contributes to have
less scour depth respect to the case in which an SMB hydraulic jump takes place. In fact, this last jump is
characterized by a counter clock wise flow circulation and at the same time the sediment transport is practically completely directed downstream.
The analysis performed by Pagliara and Palermo (2012) contributed to classify and distinguish these
hydraulic jumps typologies in terms of two non-dimensional parameters: h0/H and A50. This last parameter is equal to q/[H⋅[g⋅d50⋅(ρ/ρ)]0.5] (D’Agostino and Ferro, 2004), in which q is the unit discharge, g is
the acceleration due to gravity, ρ=ρs-ρ, where ρs is the sediment density and ρ the water density. The
analysis of experimental data showed that the transition between FMB and SMB occurs for h0/H>0.5. In
fact, being constant all the other parameters, an increase of the tailwater level contributes to submerge the
jump, thus an SMB type takes place.
3.3 Scour depth analysis
One of the most important parameter, in the case of movable stilling basin bed, is the maximum scour
depth. A detailed analysis for the tested configurations was conducted by Pagliara and Palermo (2012).
They selected several non-dimensional parameters on which the erosive phenomenon depends and, after
having analyzed the experimental data, they concluded that, for each tested configuration of both rock
grade control structures and stepped gabion weirs, the non dimensional maximum scour depth zmax/E0, for
practical purposes, can be expressed as only function of the non dimensional parameter A50, i.e. the following functional relationship:
z max
= f  A50 
E0

(1)

Note that E0 is the total energy head upstream of the structure. For each tested configuration, it was experimentally proved that the effect of the parameter h0/H is negligible in terms of practical applications.
But a clear difference in data trend was observed for the various flow regime. For example, the following
Figure 3, valid for rock grade control structure Bf-imp, reports the experimental data clearly showing that
passing from Nappe to Skimming Flow regime the scour depth increases faster. The transition between
the two regimes generally occurs for 0.5<A50<0.7.

Figure 3. Non dimensional scour depth as function of A50 for different flow regimes and rock grade control structure Bf-imp

Pagliara and Palermo (2012) proved that, for rock grade control structures, the maximum non dimensional scour depth can be satisfactorily predicted by the following equations valid for grade control structure B1-B2 (Eq. 2), Bf (Eq. 3) and Bf-imp (Eq. 4):
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zmax
= 3.28 A503 − 6.28 A502 + 4.74 A50 − 0.95
E0

(2)

zmax
= 3.46 A503 − 6.96 A502 + 5.42 A50 − 1.09
E0

(3)

zmax
= 13.46 A503 − 22.02 A502 + 13.12 A50 − 2.32
E0

(4)

For stepped gabion weirs, the analysis of experimental data showed that one unique equation is able to
predict the totality of data, i.e. for practical purposes one single equation is able to catch the behavior of
all the tested structures. Thus, Pagliara and Palermo (2012) proposed the following general equation valid
for stepped gabion weirs GWimp, GWf, GWf-imp:
zmax
= 7.53 A503 − 11.53 A502 + 6.66 A50 − 1.16
E0

(5)

3.4 Scour at the toe of the structures
In terms of practical applications, the maximum scour depth at the toe of the structure is extremely important. In fact, the hydraulic functionality of the structure is assured if it remains stable. It implies that the
foundation of the structure (i.e. a layer of stones (or more than one) in the case of rock grade control
structures or layers of prismatic gabions for stepped gabions weirs) should not be affected by the erosive
phenomenon occurring in the stilling basin. Namely, the scour depth at the toe of the structure has not to
be so prominent to remove sediment at the base of the structure.
In this perspective it is clear that the knowledge of the maximum scour depth occurring at the toe of
the structure is of fundamental importance for a correct design. The aim of this paper is to furnish quantitative criteria to estimate the maximum scour depth at the toe of the tested structure, based on the previous observations and deductions of Pagliara and Palermo (2012) which have been briefly synthetized in
previous sections.
In the tested cases, once the scour hole equilibrium was reached, the stilling basin morphology was
carefully measured. In particular, for both the structural typologies the maximum scour depth at the structure toe zf was analyzed. In the case of rock grade control structure, the foundation was made of stones
layer having the same average diameter (i.e. the usual methodology to build this type of structure), which
were located in such a way that the average downstream structure surface slope (45°) was preserved.
Thus, the maximum scour depth at the toe zf was assumed as the minimum distance of the scoured sediment surface covering the structure foundation from the original bed level (see Figure 1a). For stepped
gabion weirs, the foundation was made of prismatic layers having the same characteristics specified in
Experimental Set-up section. Thus, the plane passing through the steps edge, including those belonging to
the foundation, had a slope equal to 45°. This occurrence led us to assume zf as the distance from the original bed level of the interception of the virtual plane passing through the steps edges with the scoured surface (see Figure 2b). Note that the assumed zf is also the minimum distance between the scoured sediment
surface and the step surface of the eventual covered foundation layer. This choice implies coherent values
of zf for both tested structure typologies. Furthermore, for stepped gabion weirs it takes into account the
most dangerous conditions in terms of stability, as it considers the minimum sediment covering of the
prismatic foundation.
The analysis of experimental data were based on two observations: Breusers and Raudkivi (1991)
proved that the scour hole geometry can be expressed by only function of its maximum scour depth and
Pagliara and Palermo (2012) proved that there is a scour hole profile similitude for the tested configurations, i.e. the non dimensional profiles for each structure typology are essentially the same (same non dimensional scour hole profiles for all the tested configurations of rock grade control structures and same
non-dimensional scour hole profiles for all the tested stepped gabion weirs). These two observations allow to asses that the non-dimensional scour depth at the toe of the structure can be expressed as function
of the maximum non-dimensional scour depth in the scour hole. Data were analyzed for each structure
configuration, considering also the non dimensional structure submergence and the flow regime occurring. Figure 4a-d illustrates the relationship between zf /E0 and zmax /E0, for different h0/H and flow re174

gimes, for structure B1, B2, Bf and Bf-imp, respectively. It was experimentally proved that the for all the
tested structures, the effect of flow regime and h0/H on data trend is negligible, thus confirming the observations of Pagliara and Palermo (2012) and Breusers and Raudkivi (1991). In addition, there is no detectable difference between the various rock grade control structures in terms of the ratio zf/zmax. In fact,
one unique linear relationship can be used to interpolate the experimental data for all tested rock grade
control structures (Figure 4a-d), whose expression is
zf
E0

= 0.9

z max
E0

(6)

This occurrence proves that the scour depth at the structure toe is almost 90% of the corresponding maximum scour hole depth. Thus, for practical applications, zmax can be considered as the main parameter to
design structure foundations. The same analysis was conducted for stepped gabion weirs (see Figure 5ac). Also in this case, a direct proportional relationship between zf and zmax was found. Namely, the analysis was conducted for stepped gabion weirs GWimp, GWf and GWf-imp (Figure 5a, 5b and 5c, respectively)
and it was found that the following expression can satisfactorily interpolate all experimental data.
zf
E0

= 0.84

z max
E0

(7)

Note that in this case the scour depth at the structure toe is almost 84% of the corresponding maximum
scour hole depth, i.e. less than the previous case. This relatively slight difference between stepped gabion
weirs and rock grade control structures in terms of zf/zmax can be explained considering that the foundation
of stepped gabion weirs is made of prismatic layers which furnish higher protection for the scour at the
structure toe due to vortexes formations below the pseudo bottom. Furthermore, the structure itself is always permeable, whereas rock grade control structures are made gluing stones thus the internal structure
permeability is practically negligible and less flow energy loses occur. Figure 5d illustrates the comparison between the measured and calculated values of the variable zf /E0 (using Eq. 6 for rock grade control
structures and Eq. 7 for stepped gabion weirs). A good agreement was found between measured and calculated data. In synthesis, it can be concluded that for both the structure typologies the maximum scour
depth can be assumed as reference parameter in order to correctly design the structure foundations, as it
results to be very close to the scour depth at the toe of the structures.

Figure 4. zf /E0 versus zmax/E0 for different flow regimes (N.F.=Nappe Flow, T.F. Transition Flow, S.F.=Skimming Flow) and
relative submergence and for rock grade control structure (a) B1, (b) B2, (c) Bf and (d) Bf-imp
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Figure 5. zf /E0 versus zmax/E0 for different flow regimes (N.F.=Nappe Flow, T.F. Transition Flow, S.F.=Skimming Flow) and
relative submergence and for stepped gabion weirs (a) GWimp, (b) GWf, (c) GWf-imp. (d) Comparison between measured and
calculated values of zf /E0 using Eq. (6) (rock grade control structures) and Eq. (7) (stepped gabion weirs)

4 CONCLUSIONS
An analysis of scour at foundations of low-head rock made structure was performed. Namely, the scour at
the toe of rock grade control structures and stepped gabion weirs was analyzed in different hydraulic conditions and configurations. In particular different structure boundary configurations were tested for various submergence conditions. It was experimentally proved that the scour depth at the toe of the structure
is almost 90% of the maximum scour hole depth occurring in the stilling basin in the case of rock grade
control structures, whereas for stepped gabion weirs it is almost 84%. These occurrences allow to asses
that for these structure typologies, the maximum depth in the scour hole can be considered as the reference parameter to correctly design the structure foundations in order to avoid structural risks and assure
their stability. Furthermore, it was experimentally proved that this occurrence is not depending on both
the submergence conditions and the flow regime occurring on the structure itself.
NOTATION
A50 = q/[H⋅[g⋅d50⋅(ρ/ρ)]0.5] non dimensional group.
average diameter of rock grade control structure material
D50
diameter of the channel bed and filtering layer material for which xx% of sediment is finer
dxx
diameter of the channel bed material and filtering layer for which 50% of sediment is finer
d50
d90
diameter of the channel bed material and filtering layer for which 90% of sediment is finer
E0
total energy head upstream of the structure
f
function of
g
gravitational acceleration
tailwater level
h0
h
water depth measured from the horizontal plane passing through the top structure
hs
height of the steps
H
structure height
kc
critical depth
Q
water discharge
q
unit discharge
length of the steps
ws
maximum scour hole depth
zmax
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Δ ρ = (ρs−ρ)
ρs
ρ
σ = (d84/d16)0.5

reduced sediment density
sediment density
water density
sediment non uniformity parameter.
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ABSTRACT: Rapid hydraulic structures are used in Poland Stream Mountains excessively to regulate
flow by changing its slope at certain locations while allowing for fish passage. Local scour downstream
the rapid is an important issue regarding its safety. This paper presents experimental investigation for
scour holes downstream a rapid structure using a small scale physical model. Results are used with other
data presented in literature for similar structures to develop an equation for the prediction of maximum
scour hole downstream rapids. For this purpose Genetic Programming (GP) is utilized as a tool for developing the required relation. It is shown that GP could produce formulae relating scour hole depth and various rapid parameters with less error than some of available regression equations.
Keywords: Rapid hydraulic structures, low head structures, scour, Genetic Programming
1 INTRODUCTION
There is very often a necessity to regulate a river or a stream by changing its slope (what is called: river
training works), especially in mountain regions where streams are characterized by high gradients and
heavy scouring and erosion tend to occur. In such cases designing and constructing of hydraulic structures
has been advised for stabilizing a riverbed and riverbanks (Rhone 1977, Ratomski, 1992). Usually such
structures are drop hydraulic structures. Their construction is well known to designers and they are described in detail in the professional literature (e.g. Shields and Cooper 1995, Rosgen 2001, Scurlock and
Thornton 2011 and 2012). Unfortunately in many places, if a structure is built, it can spoil the natural
beauty of a mountain stream. If it functions properly in terms of hydraulics, it is rarely similar to the natural geomorphological features of a stream (Ratomski, 1992). Construction of rapid hydraulics structures
(RHS) similar to natural river riffles is advised when considering a channel slope reduction (Kajak, 1992,
Ślizowski, 1993). Such hydraulic structures are environmentally friendly, since they simulate a natural
river bed and river bed forms (riffles), do not require additional fish passage consideration, and aerate
flowing water naturally (Bhuiyan and Wormleaton 2007, Novak et al. 1996). Above all they are similar to
natural river features and do not disturb a river cross-section appearance when well-constructed (see Figure 1).
The process of creating local scour resulting from water and debris is one of the least to identified
problems in the rapid hydraulic structure systems. So far, there is no sufficiently precise mathematical description of the process of local erosion arising downstream the rapid structure. Developing fully reliable
predictions on the basis of laboratory tests has often been impossible because of the time required to obtain experience the so-called final scour. However, Mason and Arumugan (1985) provided comprehensive data analysis in available literature to demonstrate the validity of the ultimate scour hole concept.
Lack of understanding of the process of creating local scour below the rapid structure is the main reason
for failure of structure in various studies (e.g. Bormann and Julien 1991). Scour downstream similar
structures (e.g. block ramps and grade-control structures) has been carried out by various researchers. Veronese (1937) conducted one of the first studies on scour downstream hydraulic structure. The characteristic parameters defining scour hole downstream hydraulic structure have been experimentally studied by
Hassan and Narayanan (1985) and Farhoudi and Smith (1985). Bormann and Julien (1991) used a large
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scale experiment to investigate the scour downstream a grade control structure with a unit discharge of
2.5m2/s. Mossa (1998) and D’Agostino and Ferro (2003) analyzed the scour formation downstream grade
control structures. Lenzi and Comiti (2003) analyzed scour hole formation downstream 29 drop structures, Marion et al. (2004) experimentally analyzed the effect of bed sill spacing and sediment grading on
potential erosion by jets over fills. Ben Meftah and Mossa (2006) analyzed the formation of scour holes
downstream bed sills in low gradient channels. Pagliara and Hager (2004) conducted experimental work
to study the scour process and characteristics downstream a block ramp in case of uniform bed material.
More recently, Pagliara (2007),and Pagliara and Palermo (2008) investigated the scour mechanics downstream a block ramp and examined the influence of sediment gradation on the scour mechanism using two
physical models. Scurlock and Thornton (2012) studied the equilibrium scour formation downstream
three dimensional grade control structures.

Figure 1. RHS on the Krzczonowski stream (photo by A. Radecki-Pawlik)

Most of the previous experimental studies aimed at characterizing the scour hole downstream grade control structure by a maximum scour depth, which is a function of the incoming flow conditions and soil parameters representative of bed particle size distribution (e.g. Mason and Arumugam 1985, Bormann and
Julien 1991, Lenzi and Comiti 2003, Marion et al. 2004 and Pagliara 2007). However, there are no reliable equations for calculating scour downstream rapid hydraulic structures and thus it is of usual practice
to adopt scour formulae developed for other structures under different hydraulic conditions. While these
formulae provide estimates for the required scour depth, they might have some deficiencies in capturing
accurately the scour downstream rapid hydraulic structures. Errors in prediction of scour hole using some
of these formulae can reach 300%. Thus, it is required to have specific equations developed mainly for
rapid hydraulic structures considering real measured rapid parameters.
Recently, evolutionary algorithms have been used as a superior alternative for regression analysis and
artificial neural networks, for finding relations between various parameters and producing a higher Rsquared value and less mean error in prediction using newly developed equation. Genetic programming
(GP) is known as a technique with the capability of generating mathematical equations, which are able to
define models for the given training data. Genetic programming was proposed by Koza (1992). GP is
founded on the basic principle of Darwin’s theory of evolution in nature. GP attempts and succeeds at applying the evolutionary theory in order to find the best or the most appropriate equation (solution)for a
problem. The motivation of using a GP approach is its ability to evolve a model based entirely on prior
data without the need of making underlying assumptions.
Applications of evolutionary algorithms, especially genetic programming (GP) in water and environmental engineering is not as much as the other soft computing tools of artificial neural networks. They are
restricted to relatively fewer sub-areas including; rainfall-runoff relationship and unit hydrographs in
catchments (Aytek and Alp 2008, Wigham and Crapper 2001, Savic et al. 1999, Keijer and Babovic 2002,
Dorado et al. 2003, and Rabunal et al. 2006), sewer and water supply networks (Dorado et al. 2002,
Babovic et al. 2002), river flow and water quality in watersheds (Drunpob et al. 2005, Harris et al. 2003,
Giustolisi 2004, Preis and Otsfeld 2008), oceanic and sea coastal waves (Gaur and Deo 2008, and Ghorbani et al. 2010), irrigation planning (Raju and Kumar (2004), river channel scour downstream spillway
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(Azamathulla et al. 2008), pan evaporation and evapotranspiration (Guven & Guani 2008, and Shiri and
Kisi 2011), and suspended sediment transport in open channel (Ayetk and Kisi 2008). Guven & Guani
(2008) utilized the gene expression programming approach for prediction of local scour downstream
sharp crested control grade structure. They provided a complicated equation relating various parameter to
maximum scour hole depth.
This paper aims at utilizing the power of the genetic programming to develop relations to predict scour
hole depth downstream rapid hydraulic structures as a function of incoming flow conditions, rapid geometric characteristics and soil parameters using experimental data measured by the authors in an experiment to simulate real rapid structures and other published data of similar hydraulic investigations performed by Pagliara (2007). First an overview of the basic theory of genetic programming is given
accompanied by implementation technique steps. Afterwards, a description for the experimental setup
used to collect scour data is given with the results. Finally, the GP is utilized to develop empirical relationships between various controlling parameters and the maximum scour depth downstream a rapid hydraulic structure. The developed relation is compared to other available relations.
2 EVOLUTIONARY ALGORITHMS
Evolutionary Algorithms (EAs) is a class of solving technique based on the Darwinian theory of evolution
which involves the search of a population of solutions and not only one. A possible and acceptable solution i.e. a member of the population is called an individual. Each iteration of an EA involves a competitive selection that weeds out poor solutions through the evaluation of a fitness value that indicate the quality of the individual as a solution to the problem. The evolutionary process involves at each generation a
set of genetic operators that are randomly applied on the individuals, typically recombination (or crossover) and mutation.
2.1 Genetic Programming (GP)
Genetic programming is an extension to Genetic Algorithms (GA). GA is an optimization and search
technique based on the principles of genetics and natural selection. A GA allows a population composed
of many individuals (chromosome) to evolve under specified selection rules to a state that maximizes the
“fitness” (i.e. minimizes the cost function). The GP is similar to genetic algorithms but unlike the latter its
solution is a computer program or an equation as against a set of numbers in the GA.
In GP, a random population of individuals (equations or computer programs) is created, the fitness of
individuals is evaluated and then the ‘parents’ are selected out of these individuals. The parents are then
made to yield ‘offspring’s’ by following the process of reproduction, mutation and crossover. The creation of offspring’s continues iteratively until a specified number of offspring’s in a generation are produced and further until another specified number of generations are created. The resulting offspring at the
end of all this process is the solution to the problem. The GP transforms one population of individuals into another one in an iterative manner by following the natural genetic operations like reproduction, mutation and crossover. Each individual contributes with its own genetic information to the building of new
offspring adapted to the environment with higher chances of surviving. The solution for the problem provided by the GP algorithm is a tree as seen in Figure 2.

Figure 2. Tree representation for a GP function

A tree is a model representation that contains nodes and leaves. Nodes are mathematical operators (multiplication, subtraction, etc.). Leaves are terminals and trees are manipulated through genetic operators. The
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4 GP MODELS FOR SCOUR PREDICTION
Pagliara (2007) stated that the scour-hole characteristics are related to the ramp slope, water flow discharge, and to the granulometric characteristics of the stream bed material represented as d90. Thus; the
maximum scour depth can be written as;
ℎ𝑚𝑎𝑥 = 𝑓(𝑄, 𝑠, 𝑑90 , 𝜎)

(1)

𝑍𝑚𝑎𝑥 = 𝑓�𝐹𝑑90 , 𝑠, 𝜎�

(2)

Pagliara (2007) introduced a dimensionless parameter Zmax, defined as the ratio of the measured maximum cross sectional scour depth and the approaching flow depth at the ramp, h1 such that;
where 𝐹𝑑90 is the densimetric Froude number, 𝐹𝑑90 = �𝑣1 ⁄𝑔′ 𝑑90 , v1 = average approaching flow velocity, d90 = channel bed sediment diameter, 𝑔′ = [(𝜌𝑠 − 𝜌)⁄𝜌]𝑔, and 𝜌𝑠 = channel bed sediment density.
Both of these two relations shall be used to develop a GP-based model for prediction of maximum scour
hole depth. Data included 18 points from this study, 49 points from Pagliara (2007) and 45 points from
Bormann and Julien (1991) with a total of 112points. 80% shall be used for training the model (89 points)
and 20% shall be used for testing (23 points).
To apply the GP, we need to define the learning environment using a fitness function. The fitness function defined here is the mean squared error (MSE); it helps an efficient evolution for the model and allows it to travel fitness landscape until it finds an optimal solution for the given problem. The mean
square error Ei of an individual program i is defined by the following equation;

𝐸𝑖 = �

∑𝑛
𝑗=1�𝑃(𝑖𝑗) −𝑇𝑗 �
�
∑𝑛
𝑗=1�𝑇𝑗 −𝑇 �

2

2

(3)

where P(ij) is the value predicted by the program i for fitness case j; Tj is the target value for fitness case j;
and 𝑇� = 1⁄𝑛 ∑𝑛𝑗=1 𝑇𝑗 . For a perfect fit Ei=0, and thus the index of RRSE ranges from 0 to infinity, with
zero corresponding to the ideal. Thus the fitness of an individual model fi can be calculated from the following equation which ranges from 0 to 1000, with 1000 corresponding to perfect fit; 𝑓𝑖 = 1000 ×
1⁄(1 + 𝐸𝑖 ). It is important to choose the set of functions that will create the chromosomes. These functions are the essence of evolution of the GP; they allow modifications without restrictions leading to
compact correct programs for a specific function. The choice of an appropriate function set is not the
same for every problem and depends mainly on the program performance with some chosen arguments. If
the evolution is not satisfactory, one can use a wider set of functions until optimum fitness is achieved.
However, a professional approach would be to initially use the basic mathematical operators (+, -, *, /) to
allow for production of simple models. A second run of GP is performed using a different set of functions
as shown in Table 3. Then, we have to set the linking function, which is the interaction between all subexpression trees of the model, these linking functions can be addition, subtraction, division, and multiplication. The choice of linking functions depends on the complexity of the problem and the experience of
the model user and for simpler models for a certain problem, addition or subtraction would be appropriate. The last step is to set the values controlling various genetic operations controlling the evolutionary
process of GP. The most efficient operator in GP are the mutation and cross over rates; which causes
populations of individuals to adapt very efficiently, allowing for the evolution of good solutions to all
problems. Values assigned for all genetic operators are shown in Table 3 for various GP models. To test
the performance of the developed model, the mean square error MSE, mean absolute error MAE, and relative squared error RSE were used as indicators, as calculated from the following equations respectively;
𝑀𝑆𝐸𝑖 = 1⁄𝑛 ∑𝑛𝑗=1�𝑃(𝑖𝑗) − 𝑇𝑗 �
1

𝑀𝐴𝐸𝑖 = ∑𝑛𝑗=1 �

𝑅𝑆𝐸𝑖 =

𝑛

𝑃(𝑖𝑗) −𝑇𝑗
𝑇𝑗

2

∑𝑛
𝑗=1�𝑃(𝑖𝑗) −𝑇𝑗 �
�
∑𝑛
𝑗=1�𝑇𝑗 −𝑇 �

2

�

2

(4)
(5)
(6)
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Table 3. Optimal Parameter settings for the GP Algorithms
Parameters

Settings-GPI-hmax

Number of generations
Number of populations
Function set

100
500
+ , - , *, /
𝑄, 𝑠, 𝑑90 , 𝜎

Terminal set
Fitness function error type
Selection method
Mutation rate
Crossover rate

MSE
Tournament
0.01
0.9

Based on the optimal parameter settings in above table, the following GP-based equations were developed
and are considered to be valid within the ranges given back in Table 2. The best individual for all generations for GPI-hmax can be presented as;
ℎ𝑚𝑎𝑥 = 0.38𝑄𝑠 − 𝑄 +

𝑑90

0.50−𝑄

(7)

+ (1.92 − 𝜎)(𝑑90 + 𝑄)

Using the performance indicators discussed before, MSE, MAE, RSE and R-squared, Table 4 shows the
comparison between developed GP-model and similar equations (Veronese, Martin, Mason, and Pagliara)
for prediction of scour holes downstream ramp structures.
Table 4. Performance of developed equations for hmax versus some available equations
GPI

Veronese

Martin

Mason

Pagliara (2007)

0.84
0.029

NA
0.69

NA
0.55

NA
3.3

NA
NA

0.110
0.255

0.90
27.1

0.99
13.9

0.75
60.99

33.3
NA

train

test

R-Square
MSE

0.88
0.0259

MAE
RSE

0.087
0.116

It is noticed that the developed GP relation had the highest representation of scour database, which resulted in highest value of R-squared and lowest values for errors. All existing formulae deviated in their predictions from measurements with huge RSE reaching 60.99 for Mason and 27.1 for Veronese. Due to
huge errors in predictions of many of the existing formulae, the R-squared could not be calculated meaning that they do not represent measured data of rapid structures at all. This is mainly attributed to the
presence of large scale experimental data, which are outside the limits of values used in developing most
of these equations. Thus, this shows the importance of including the measured data from large scale experimental tests that are similar to real rapids on mountain streams. Results show also that genetic programming (GP) is capable of mapping data into a high dimensional feature space with variety of methods
to find relations and trends in data. The following figures show the predictions of hmax as calculated by the
developed GP model versus measured values for both training and testing datasets.
2.0

Train

1.5

Predicted hmax

Predicted hmax

2.0

1.0

1.5
1.0
0.5

0.5
0.0

Test

0.0

0.0

0.5

1.0
1.5
Measured hmax

2.0

0.0

0.5

Figure 7. R2 for training and testing data sets for GPI model for hmax
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1.5
Measured hmax

2.0

For risk assessment studies, the uncertainties of many influencing parameters have to be included. Thus;
Wahl (2004) provided quantitative assessments for the uncertainty in breach parameter prediction using
many of the available prediction relations on 108 documented dam failure case studies. In this part of the
study, Wahl (2004) approach is adopted to test the ability of the developed GP models to predict scour
hole depth. The analysis is applied to the dataset of 112 scour hole measurements including the measurements on large scale experiments. While this could provide some advantages for the GP model, it provides fair indication for comparison of ability of prediction for various equations (Wahl 2004). The uncertainty analysis defines the error in as; 𝑒𝑖𝑗 = 𝑃𝑖𝑗 − 𝑇𝑗 , and then calculates main indicators defined as;
mean prediction error (𝑒̅ = ∑𝑛𝑗=1 𝑒𝑖𝑗 ), width of uncertainty band, 𝐵𝑢𝑏 = ± 2𝑆𝑒 and the confidence band
around the predicted value {𝑒̅ + 2𝑆𝑒 , 𝑒̅ − 2𝑆𝑒 }, where Se is the standard deviation of prediction errors. It is
shown that the mean prediction error of developed GP model is -0.192 with prediction error standard deviation of 0.336 and width of uncertainty band of ±0.67, while the prediction error interval ranged from 0.48 to 0.87. Unfortunately, other formulae produced large errors mainly due to the presence of large
scale experiments in the used data base, which likes outside their applicable limits. Thus, this confirms
the necessity to include more data related to large scale experiments in order to increase the range of applicability of various prediction equations for scour hole downstream rapid hydraulic structures.
5 CONCLUSIONS
Despite being important river training low head structures, there has not been much experiments on rapid
hydraulic structures on large scale. However, many experimental studies are available for similar structures with ramps. This paper presents experimental work on rapid hydraulic structures investigating the
characteristics of the downstream scour hole. Experimental data from this study have been used with other experimental data for similar ramp structures capturing the rapid and flow main characteristics with a
total of 112 points including experimental data from large scale experiments on rapids. Genetic programming has been used to develop a relation for predicting maximum scour depth as a function of various
rapid and flow parameters. Developed relation gave reasonable score in various indicators; it gave 0.84 in
R-squared and 0.02 MSE with lowest errors amongst some of the available equations. While more data is
still needed to enhance the prediction capability of the developed relation, however it can be used as preliminary estimates for scour hole formation downstream rapids while considering that errors are expected
and shall have an uncertainty band of ±0.67 orders of magnitude.

NOTATION
Β

BUB
d90
Fd90
e
h
hmax

ρ
ρs

Q
g'
S
Se
v

σ

Rapid width
Width of uncertainty band
Bed sediment size
Densimetric Froude number
prediction error
Height difference between upstream and downstream of rapid
Maximum score hole depth
Water density
Sediment density
Flow across rapid
reduced gravity acceleration
rapid slope
Standard deviation of prediction error
Flow velocity through rapid
Coefficient of sediment variation
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ABSTRACT: In this study, which is based on previous experimental data by the authors, a comparison is
attempted between inclined hydraulic jumps over a thin wall, and a step- which is followed by a raised
floor. The water free surface profiles, the dimensionless lengths and dimensionless conjugate depths are
examined and the results are compared and discussed. The two flow cases appear to have some
similarities between the flow lengths, but they present considerable differences in the descending part of
the water free surface profiles and the conjugate depths. Some explanations are offered in order to
compare the two flow structures. The results of this investigation may be useful to the hydraulic engineer
when designing the pertinent open channel-especially for low head-works.
Keywords: Hydraulic Jumps, Thin Walls, Abrupt Steps, Low Head.

1 INTRODUCTION
The stable horizontal or inclined (angle φ) water flows over a thin wall (w), perpendicular to the channel
floor, and over a step (w) - with following raised floor - which has its upstream face perpendicular to the
channel floor, are two interesting and comparable hydraulic problems, where the two flow obstacles are
often called “sills”. In both cases an incipient hydraulic jump is present, which is stable and may be used
to dissipate the jump’s mechanical excessive energy.
Figs. 1 and 2 show the basic flow characteristics of the two water flows, within the inclined
rectangular channel. Both structures are mainly linked to rather low water heads because of their natural
characteristics, where the low heads are important here.

Figure 1. Jump over a thin wall.
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Figure 2. Jump over a step.

In both jump cases-of rather low head-there are three important flow cross sections: Section 1 (of uniform
flow) with depths d1 (Fig. 1) and d1 (=h1), Fig. 2, section m (of non uniform flow) with depths dm (Fig. 1)
and hm, (or dm), (Fig. 2), and section 2 (of uniform flow) with depths d2 (Fig. 1) and h2 (or d2), Fig. 2,
where hm=dm+w and h2=d2+w. At a distance x the flow depth is d (Fig. 1) and h (or d), Fig. 2, while at
distance x' (from section m) corresponding depths are d ' (Fig. 1) and h' or d ' (Fig. 2). The respective
lengths (Figs. 1 and 2) are L1, L2, with L= L1+L2, the discharge (per unit channel width) is q, while in the
case of the jump over a step an air pocket may be present, which has not been observed in the case of the
jump over a thin wall. The max depths (dm in Fig. 1 and hm in Fig. 2) may appear close upstream, on, or –
usually – close downstream the wall and the step face correspondingly.
The main flow parameter is the Froude number at section 1,
-3/2

Fr1 =q ∙g -1/2 ∙d1 ,

which is bigger than 1, since in both cases the upstream flow is supercritical, while the downstream flow
ends up (here) to a channel drop.
Demetriou et al (2008), and (2010), have performed a large number of experimental measurements for
flows over thin walls, Demetriou et al (2010), are also dealing with the jump over a step, while Hager
(1992), is presenting a wide summary of both flows in exclusively horizontal channels. For the jumps
over a thin wall the measurements are extended to 0o≤φ≤14ο, while for the jumps over a step it is
0o≤φ≤8ο.
All laboratory Runs were twice performed in a rather small perspex flume, suitable for non uniform
flow phenomena measurements.
2 PREVIOUS DATA
2.1 Flow Profiles
2.1.1 Jumps Over Thin Walls
In order to determine the surface water profiles, d(x) and d ' ( x' ) , the dimensionless terms

d = (d − d 1) /(d m − d1 ) vs x = x / L 1 ,

vs x ' = x′ / L 2
are used for upstream and downstream profiles, while dm-w are the water hydraulic heads.
The experimental results gave the profiles’ empirical equations, Demetriou et al (2008),
'
d = (d m − d ′) /(d m − d 2 )

d ≅ (7.48 − 4.76 ⋅ e

Jo

) ⋅ ( x) − (6.48 − 4.76 ⋅ e

Jo

1.5

) ⋅ ( x)

(1)
where, Jo=channel slope=sinφ and 0 ≤φ≤14 , 0.14≤d1/w≤1, 2≤Fr1≤7.2, and
1.5
(2)
− b ⋅ ( x ') 3
d ' ≅ a ⋅ ( x' )
where a, b, are arithmetic coefficients, with particular values for each angle φ. The approximate values of
a, b, are presented in Table 1. In these profiles, for x = 0 it is d = 0 (or d=d1) and for x = 1 it is d = 1 (or
d=dm), while for x ' = 1 it is d ' ≅ 1 (or d ' ≅ d 2 ) and for x ' = 0 it is d ' = d m .
o

ο
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Table 1. Arithmetic coefficients.
φ

a

b

(a-b) =

0ο

1.93

0.91

2o

2.04

1.03

1.02
1.01

4o

2.14

1.12

6ο

2.16

1.14

8o

2.26

1.23

1.02
1.02
1.01

Eq. (2)

2.1.2 Jumps Over Steps
The corresponding water profiles’ dimensionless terms are, Demetriou et. al (2010),

h = (h − h1) /( hm − h1 ) vs x = x / L 1 ,
h ' = (hm − h ') /( hm − h2 ) vs x ' = x′ / L 2 while the water hydraulic heads are hm-w.
The experimental results gave the profiles’ empirical equations (φ in degrees)
h ≅ (2.85 − 0.09 ⋅ ϕ ) ⋅ x − (1.85 − 0.09 ⋅ ϕ ) ⋅ ( x )1.5
(3)

h

'

1.5

≅ 4.48 ⋅ ( x')

− 3.48 ⋅ ( x')

2

(4)

i.e. the downstream profile is a unique curve – independent of angle φ. Actually, there are various
profiles, but they are so dense (within the present flow parameters) that they can be represented by a
single line. The above equations hold for 3≤hm/h1≤31, 1.5≤hm/h2≤5, 0.2≤h1/w≤6.7 and 1.1≤Fr1≤9.5.
In these profiles, for x = 0 it is h=h1 and for x = 1 it is h=hm, while for x ' = 0 it is h ' = h m and for x ' = 1
it is h ' = h 2 .
2.2 Jumps’ Lengths
2.2.1 Jumps Over Thin Walls
The dimensionless lengths (L1-w)/dm vs Fr1 and angle φ (0o≤φ≤14ο) were measured by Demetriou (2010),
for 0.14≤d1/w≤1 and 2≤Fr1≤7.2. These results were suitably adjusted here in order to compare with the
present results for the jumps over steps.
2.2.2 Jumps Over Steps
Demetriou et al (2010), have experimentally determined the dimensionless lengths (L1-w)/d1 vs Fr1 and
angles φ (0o≤φ≤8ο), while they have also measured hm/d1 vs Fr1 and angles φ (same range). Thus, dividing
(L1-w)/d1 to hm/d1 the ratio (L1-w)/hm can be received.
2.3 Jumps’ Conjugate Depths
In a wide view, dm (Fig. 1) and hm (or dm) – Fig. 2, may be considered as conjugate depths in relation to d1
and h1 (=d1) respectively.
2.3.1 Jumps Over Thin Walls
Demetriou et al (2010), have measured (dm-w)/d1 vs Fr1 (1.5≤Fr1≤7.2) and angle φ (0o≤φ≤14ο).
These results are slightly modified here in order to compare with the corresponding quantities of the
jumps over steps.
2.3.2 Jumps Over Steps
Demetriou et al (2010), have also measured (hm-w)/d1 vs Fr1 (2≤Fr1≤8.5) and angle φ (0o≤φ≤8ο).
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3 COMPARISONS. RESULTS AND DISCUSSION
The comparison between the geometrical elements of both jumps is restricted here to corresponding water
free surface profiles along the entire lengths L, the dimensionless lengths along the ascending parts of
these profiles, L1, and the conjugate depths ratios.
Figs. 3, 4 present the flow profiles for the jumps over a thin wall and over a step correspondingly,
while Fig. 5 presents a comparison between these profiles, with solid lines two limit profiles for φ=0ο and
φ=14ο (jumps over walls) and with dashed lines two limit profiles (jumps over steps) for φ=0ο and φ=8o.
The use of only two couples of limiting profiles in Fig. 5 (and not of all profiles – as in Fig. 3 and 4) is
due to the narrow space in this figure.
As it is clear from Fig. 5, along L1 the ascending flow profiles may compare among them, showing that
from this point of view the two jumps, over a thin wall and a step, appear to have a similar structure. On
the contrary, along L2 the descending free surface water profiles are clearly different in the two flow
phenomena: Just after the thin wall the water is dropping down, mainly because of gravity, while after the
step the flow is continued along the raised floor. Perhaps this behavioral difference is also responsible for
the existence or no of an air pocket in the two flow cases.

Figure 3. Flow profiles for jumps over a thin wall.

Figure 4. Flow profiles for jumps over a step.

Figure 5. Comparison of flow profiles for jumps over a thin wall and over a step.
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Fig. 6 presents the dimensionless lengths (L1 – w)/dm vs Fr1 and angle φ for the jump over a thin wall,
Fig. 7 shows the lengths (L1 – w)/hm vs Fr1 and angle φ, for the jumps over a step, while Fig. 8 presents a
comparison between corresponding lengths, where for w→0 (no wall and no step) dm→d1 (Fig. 1),
hm→h1 (Fig. 2) and L1→0, i.e. both families of lines tend to the infinity.

Figure 6. (L1 – w)/dm vs Fr1 and angle φ for jumps over a thin wall.

Figure 7. (L1 – w)/hm vs Fr1 and angle φ for jump over a step.

Figure 8. Comparison of flow lengths for jumps over a thin wall and over a step.

From Fig. 8 it is clear that, although any wall length curves (solid lines) lie over corresponding step –
length curves (dashed lines), the two families of lines are similar and almost of the same order of
magnitude. From this point of view both jumps (over a thin wall and over a step) appear to have a
comparable structure.
Next figures compare the dimensionless conjugate depths for both inclines jumps.
Fig. 9 shows a diagram between (dm – w)/d1 vs Fr1 and angles φ for jumps over a thin wall, Fig. 10
presents dm/h1=(hm – w)/h1 vs Fr1 and angle φ for jumps over a step, while Fig. 11 attempts a comparison
between corresponding quantities of the two jumps (solid lines for jumps over a thin wall and dashed
lines for jumps over a step).
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In Figs. 9, 10 and 11 the dimensionless water heads (dm-w)/d1 and (hm-w)/d1 appear to have small or larger
values, depending on Fr1, angle φ and d1. The last depth is quite small and this is why some large
dimensionless water heads are present in these Figs. Actually all heads (dm-w) and (hm-w) are low when
compared to w, for 0o≤φ≤8ο and 2≤Fr1≤7, as they were preliminary measured by the authors.
4 CONCLUSIONS
In this study, which is based on previous experimental data by the author et al, a comparison is attempted
between inclined (angle φ) hydraulic jumps over a thin wall (w) and a step (w). The water free surface
profiles, the dimensionless lengths and dimensionless conjugate depths are compared in order to show the
similarities and differences of the two flow cases. The main conclusions are: (1) The ascending parts of
the water free surface profiles appear to have a similar behavior in structure and order of magnitude. (2)
The descending parts of the water free surface profiles present considerable differences between them. (3)
These differences are mainly due to the raised floor – following the flow over the steps. (4) The
dimensionless lengths of both flows are comparable between them. (5) The dimensionless conjugate
depths of both flows are quite different in magnitude. (6) The latter difference appears as a result of the
raised floor – following the jump over a step. (7) The difference between the two flow cases is primarily
expressed in the quantities which are perpendicular to the floor, while the quantities along the flow are
almost of a similar behaviour. The results of this investigation may be useful to the hydraulic engineer
when designing pertinent open channel works-especially in lower water heads cases.
NOTATION
q
g
d
h
x
φ
Jo
Fr
𝑥̅
𝑑̅
ℎ�

discharge per unit channel width
gravity acceleration
water profile and specific depths
water profile and specific depths
longitudinal coordinate
channel angle (degrees)
channel slope
Froude number
dimensionless longitudinal coordinate
dimensionless water profile
dimensionless water profile
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ABSTRACT: In this study a subsurface intake introduced. This intake acts as a river drainage network.
In this study an experimental model of the subsurface intake was constructed and the effective
parameters such as upstream discharge, installation depth, and drains interval were evaluated. The
results showed that the water diversion mostly influenced by the upstream flow rate. Small drain interval
caused the discharge of each drain to be reduced. It was also revealed that the total drained discharge in
the very transmitting media was mostly controlled with the number of drain and drain interval did have a
marginal effect. Finally the regression equations were established to estimate the discharge of each drain
based on dimensional analysis, which facilitate the design of this structure.
Keywords: subsurface intake, porous media, drainage system, design criteria

1 INTRODUCTION
Rivers are considered as one of the providers of water and energy for the nature and the human. The
provision of water has been the most important economical role of the rivers and the suitable design of a
river intake is one of the oldest issues in hydraulic engineering. However, due to complexity of river
flows, designing an intake in a natural river has remained as an important topic in the river engineering.
The water diversion method depends on flow conditions, topology and morphology of river and
economical considerations. The multitude of types of intake from rivers can be divided into lateral
intakes, frontal intakes and bottom intakes (Raudkivi, 1993). In bottom intakes that are used mostly in
mountainous rivers; the flow is diverted through a conduit installed underneath the river bed. Some parts
or all of the length and width of the conduit in river bed are made as openings and water is unloaded into
the conduit through these openings. Garot (1939) conducted experiments on the bottom intake with
longitudinal bars as the horizontal grid. Other researches such as De Marchi (1947), Bouvard (1953),
Kuntzmann and Bouvard (1954), Noseda (1956 a, b), Mostkow (1957), Brunella (2003), Righetti and
Lanzoni (2008) and Maghrebi and Razaz (2009) have investigate different aspects of the bottom intakes
with the reticular bottom.
Problems such as clogging, corrosion, freezing, storage and discharge of sediment to the system limit
the applicability of this type of intake (Castillo and Lima, 2010). These disadvantages caused the
replacing the meshed conduit with a porous media to be advised. Naqhavi et al. (2010) studied the
properties of bottom intake with the porous material experimentally. The efficiency of the porous bottom
intake is also reduced via the sedimentation and reduction of the media transmissivity (Koorosh Vahid et
al., 2010). Furthermore, the subsurface flow that is crucial in seasonal rivers of the arid and semiarid
regions cannot be extracted using this intake.
To diminish these problems a method (based on infiltration gallery idea) for diversion of surface and
subsurface flow in the seasonal rivers has been implemented. In this type of intake a subsurface drainage
system is buried in very porous media in the river bed. Although the subsurface drainage is an elder idea
the hydraulic properties of this type of intake has been rarely investigated.
In this study, the effective parameters on subsurface intake efficiency are experimentally investigated.
Moreover, based on the hydraulic parameters and dimensionless groups obtained by dimensional analysis,
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3 RESULTS AND DISCUSSION
3.1 The effect of drain distance and upstream discharge
As the first step, the diverted water from the drainage system was measured under different upstream
discharges and drain intervals. It was observed that the drains flow rate changed along the model. The
water head measured with the piezometers also varied along the model even where the uniform surface
water depth existed. The flow rate from the central drains (drain No. 7 and No. 8 for two installation
depth D= 30, and D= 50 cm, respectively) was evaluated in different upstream discharges and drain
intervals that are depicted in Fig. 4. It is observed that increasing the drain intervals caused the drain flow
rate to be increased. The greater drain interval in a constant model length led to the smaller number of
drains and consequently the increased upstream discharge which introduced the greater flow rate. Note
that the flow pattern was identical for the different upstream discharge and the significant difference
between 60 cm and 150 cm drain interval was not observed in the all upstream discharges. The direct
effect of upstream discharge on the drains discharge can be obviously observed in this figure.
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Q= 1.2 L/s, D=30 cm
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Figure 3. The central drain discharge in different drain intervals and upstream discharge
0
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The discharge relation for the central drain (indicated in Fig.2) (Fig. 4) obeyed from a logarithmic
function and the flow rate reached a constant value depending on the media hydraulic conductivity and
the drain conductance capacity. The great difference between 10 cm interval and other intervals can be
related the side effect of the radial flow of the very close drains.
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Figure 4. The central drain discharge – flow rate relation for the central drain in different drain intervals for D=50 cm

3.2 The effect of distance from the upstream
The flow rate of each drain along the model in different upstream discharge and installation depth was
presented in Fig. 5. The drain flow rate always reduced with different slope in length of model.
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Figure 5. The drain discharge changes along the model in different flow rate and installation depth (w=10cm)

The variation of the drain flow rate in different intervals for Q=1.2 L/s and D= 30 was shown in Fig. 6.
As the interval increased the q variation along the model has decreased. It means that the flow rate of
each drain was less influenced by the neighbor drains when the intervals were increased. Furthermore,
there is a decreased parabolic trend of drainages discharge along the porous media length.
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Figure 6. The drain discharge variations along the model length for Q= 1.2 L/s and D= 30 cm in different drain intervals

3.3 The relationships between effective parameters
Based on dimension analysis and Buckingham theory two effective dimensionless variables were selected
and related to each other as follows:
𝑞𝑘 3 𝜌𝐷
𝑄𝜇𝑔𝑥

𝑥

(4)

= ∅� �
𝐿

In this equation a dimensionless parameter involving the drain discharge, the hydraulic conductivity and
upstream discharge is related to distance ratio. To obtain ∅ function in Eq. 4, a curve was fitted to the
dimensionless variables (Fig. 7) based on least square analysis.
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Figure 7. The variations of dimensionless drain discharge in different distance ratio

The 70 percent of the experimental data were randomly selected for curve fitting and the last 30 %
adopted for evaluation of the obtained equations. The statistical measures of the fitted model were
tabulated in Table 1. Figure 8 shows the curves fitted to the experimental data in different upstream
discharge.
Table 1. Model Obtained from the fitted over 70% of the Experimental data
Model

Q

Y=a+b/x+c/x2

1.6 L/s

1.2 L/s

0.8 L/s

0.4 L/s

Std. Error

2.39×10-7

4.77×10-7

5.50×10-7

9.61×10-7

Residual

Residual

Sum

Avg.

-9.37×10-21

-1.91×10-22

-3.59×10-19

0

-1.36×10-20

-7.19×10-21

0

-2.82×10-22

R2

RSS

2.62×10-12

1.07×10-11

1.30×10-11

4.16×10-11

0.982

0.948

0.962

0.960

Ra2

0.981

0.946

0.960

0.958

Variable

Value

a

-2.61×10-7

b

4.15×10-7

c

2.42×10-9

a

-4.15×10-7

b

6.24×10-7

c

-6.21×10-9

a

-6.90×10-7

b

8.73×10-7

c

4.26×10-10

a

-1.88×10-6

b

1.71×10-6

c

-1.12×10-8

Figure 8. The curve fitted to 70% of the observed value in different upstream discharges

To evaluate the goodness of the fitted curve, the equation was used to estimate the drain discharge of the
30% of the experimental data (Fig. 9). It was revealed that the maximum discrepancy was less than 37%.
This error was for the minimum upstream discharge (Q=0.4 L/s).
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Finally, the achieved model can be expressed as Eq. 5. The equation constants (a, b and c) are shown in
Table 1 for the different water heads.
(qk 3 ρ D) (Qµ gx) =
a + b ( x L) + c ( x L) 2

(5)

The estimated discharges using Eq. 5 have been compared with the 30% of the observed value and good
agreement was observed (Table 2).
Table 2. Statistical measure for the comparison of the estimated drain discharges with 30% of the observed values
Upstream Discharge (Q)

d (Wilmot,1981)

RMSE

MAE

1.6 L/s
1.2 L/s

0.849
0.865

0.0136
0.0127

0.0011
0.0017

18.94%
29.35%

0.8 L/s

0.922

0.0123

0.0021

20.88%

0.4 L/s

0.916

0.0148

0.0032

42.23%

elative Error

an Relative Error

27.85%

q (Observation)

0,1
0,08

R² = 0,6848

0,06
0,04
0,02
0

0

0,05
q (Prediction)

0,1

Figure 9. Comparison of the estimated drain discharges with the 30% of observed values

4 CONCLUSION
In this study a rather new method for surface and subsurface water diversion in the seasonal rivers of the
arid and semi-arid regions was introduced. In this type of intake a subsurface drainage system is installed
in a very porous media buried on the river bed. The effective parameters on water diversion efficiency of
this type of intake were experimentally evaluated. It was shown that the water diversion mostly
influenced by the upstream flow rate. The water head also varied along the porous media even when a
constant upstream discharge existed. The very small drain interval caused the discharge of each drain to
be reduced. It was also revealed that the total drained discharge in the very transmitting media was mostly
controlled with the number of drain and drain interval did have a marginal effect. The regression
equations were present to relate the effective parameters of the water diversion. This equation can be
utilized to design the subsurface intake with a porous media.
NOTATION
ρ

g
Sb

φ
τ

z

µ

q
Q
n
d50
k

fluid density
gravity acceleration
bed slope
roughness geometry function
total fluid stress
vertical coordinate
water viscosity
a drain flow rate
upstream discharge
media porosity
the median diameter of the fill material
hydraulic conductivity
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L
w
D
x
dp
S0
Sl
Ad
nf
form

length of porous media
lateral distance between drains
installation depth
distance from the media upstream
drain diameter
the river bed slope
drain lateral slope
perforated drain opening area
envelop resistance factor
installation form parameter
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ABSTRACT: Operation strategies of Wastewater Treatment plants (WWTPs) are changing at the moment. Because of the huge amount of energy needed for treatment more and more efforts are carried out
to gain an overall energy recovery from the urban water cycle. Therefore additional renewable energy facilities are added in order to reduce the overall demand of energy supply taken from the power grid. As a
consequence an additional goal in plant operation has been defined, complementing the main focus on
water purification needs and matching all effluent standards in water quality. Today most often WWTPs
are the facilities with the highest energy needed and which are owned by public (e.g. cities). Consequently also small hydropower plants are part of this strategy, thus using an again new identified site for
small hydropower implementations. This paper gives an overview of suitable techniques and boundary
conditions which have to be considered for an operation of small hydropower concepts on WWTP. Results show that bigger WWTPs at larger rivers with higher flood level offer the highest potential for an
economic implementation. Finally a case study at the WWTP Bottrop is presented. Results of the case
study show that an Archimedean screw is suited best at the case study site.
Keywords: small hydro power, wastewater treatment plants, sewer systems, advanced energy recovery
1 INTRODUCTION
The current requirements for more efficient pollutant removal on waste water treatment plants (WWTPs)
tend towards the installation of additional treatment steps to eliminate micropollutants like pharmaceutical trace elements. These units are commonly high energy-consuming (cf. ozonization). Nevertheless,
WWTP are even without these additional treatment steps the biggest energy-consumer within a municipality or, like not unusual in Germany, within a water board (cf. Figure 1).

Figure 1. Distribution of energy consumption of Emschergenossenschaft & Lippeverband, 2011
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In particular the nitrification processes are highly energy consuming due to aeration needs. Therefore
many attempts have been made to reduce the energy demand of biological treatment (Dichtl, 2004, Siegrist, 2008), mainly focusing on aeration. In addition, due to the finiteness of fossil fuels as well as energy
costs increase the aim of energy autarky gains even more importance.
As a result there is a change in energy management at WWTPs since approximately the last ten years
(Schroeder, 2002). Whereas in former times biogas has been combusted as there was no need for cogeneration, nowadays WWTPs aim to recover as much energy as possible (Singh et al., 2012). Improvement
of sewage sludge treatment (Schmelz et al., 2007), benchmarking of energy usage (Stemplewski et al.,
2001, Möller et. al., 2012) as well as shifting of highly energy consuming processes to off-peak hours
(Lawrence, 2004) are implemented steps towards an advanced energy recovery at WWTPs. Figure 2
shows the new overall strategy of plant operators.

Figure 2. Elements of a hybrid power plant using renewable energies and advanced energy recovery at WWTPs
(according to Stemplewski, 2012)

An effective utilization of sewage sludge starts with the digestion of excess sludge. This process aims to
stabilize sludge conditions for further treatment steps – as a by-product, biogas is produced. A well adjusted process decomposes the biomass effectively, diminishes the sludge volume and produces a high
amount of biogas (Gujer, 2007). The biogas is collected in storage tanks to compensate fluctuations in
volume and quality, respectively. Subsequently, the biogas is combusted using cogeneration. The produced electricity and heat can be used within the plant, for example for aeration and heating digesters, respectively. The digested sludge is commonly transferred to chamber filter presses to reduce the volume of
sludge by draining it mechanically. In former times the sludge was dried at the outside with only little efficiency, but current developments offer new opportunities to use solar light for drying processes in a new
way. Nevertheless, the dried sludge is incinerated afterwards – once again producing a countable amount
of energy and heat. The effectiveness may significantly be increased by using additional biomass (cosubstrates, Schmelz et. al., 2007). Instead of using the produced biogas for cogeneration, it also may be
purified and used as domestic gas or even fuel. The idea of using biogas as fuel is again not new, there are
many examples for WWTP – gas stations in the 1950s and 60s but they were non-competitive to fossil
fuels in that time (Schröder, 2007).
Energy storage is consequently becoming a more sincere problem as the production and consumption
of energy is not necessarily parallel. This leads either to the elimination of excess biogas or the demand
for peak load energy – which is both cost-intensive. Therefore the storage of biogas and the production of
hydrogen via electrolysis is yet another way to store the energy. The hydrogen can be stored and used –
on demand – in fuel cells to produce high-demand electricity.
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After the improvement of sludge treatment and replacement of highly energy consuming utilities the
next step is the integration of renewable energies, as it was already mentioned by Meliß et al. 1998. Solar
cells are nowadays well established and can easily be applied at WWTPs as these provide large surfaceareas of buildings and fallow areas, respectively (Stampolidis et al., 2006). Photovoltaic technology is fully developed. For example an area of 40,000 m² with a sun intensity of 1.000 kWh/(m²*year) may produce 4,500 MWh a year which means a saving of approximately 1,125,000 Euros (25 ct/kWh) if the energy is used on site. Even the applicability of wind power has been mentioned (Meliß et al. 2008) and is
also analyzed (Stemplewski, 2012). Consequently, the applicability of hydro power for energy recovery
has to also be investigated also. Small hydropower solutions are thus also becoming part of this strategy.
They may also be applied at WWTPs as there is a stable and well defined discharge and, in dependency
of the location, a certain available hydraulic head. As hydropower is originally designed for rivers there
are some differences in the situation which are as follows:
−
−
−
−

Outfall of the WWTP must be available all time
Most often screens and trash racks are not needed
Integration into energy-grid of the WWTP is very simple
Staff for operation and maintenance is located nearby at the WWTP

2 APPLICABILITY OF HYDROPOWER ON WWTPS
Historically hydropower has been developed for small heads. Since over two thousand years hydropower
in its simplest way, i.e. water wheels, has been used to irrigate fields or support industry by producing energy for example in mills or forging hammers. During the last two hundred years the technology has been
improved and transferred into turbines which generate energy out of heads up to even more than 1,000 m.
During industrialization the production of cheap energy using fossil fuels lead to the demolition of historical/small hydro power units (Denny, 2004). Nowadays, global warming, the scarcity of fossil fuels,
the changes in energy policy and the increasing energy costs lead to changes in energy politics; this leads
to a renaissance of very low head hydropower technologies (Müller et al., 2002).
As many enhanced hydropower technologies like highly efficient turbines cause a certain amount of
constructional effort – the constructional costs often prevent the application as the expectable benefits do
not legitimate these costs. Thereby modular based concepts as well as advanced technologies have been
developed especially for small heads (Bozhinova et al., 2012). As there are numerous concepts available
worldwide, this paper is categorizing the available technologies due to the mode of operation and their
applicability at WWTPs. It is not intended to present all small hydropower concepts and techniques.
2.1 Available Technologies
The discharges at WWTPs are closely connected to the design of the urban drainage system. The diurnal
flow can be recognized in the WWTP’s discharge. This means, as the hydro power unit should use as
much discharge as possible, every small hydropower concept has to be designed for a certain range of
discharges to cover the night minima as well as the day’s maximum during dry weather flows. Consequently only hydropower concepts providing a broad and high effectiveness are suitable. During the last
years research and development led to an increasing amount of hydropower units for small heads. Some
of them are using/improving historical concepts and some use/develop new aspects. Although there are
theoretically lots of techniques available, only few offer long term experiences. Nevertheless, it is useful
to categorize these technologies due to their mode of operation.
2.1.1 Water wheels
Water wheels are the most classical hydro power technique, which can be divided by the point of water
loading into overshot, breast shot and undershot, respectively. Overshot water wheels (cf. Fig. 3) mainly
use potential energy whereas undershot water wheels use the kinetic energy of the water. The blade configuration mainly depends on the water loading point. Overshot water wheels have a low capacity per
blade, which leads to a larger width. Undershot water wheels have a higher capacity and are therefore capable of larger discharges. Nevertheless overshot water wheels have the highest efficiency (Denny, 2004).
Fig. 4 shows the measured performance characteristics of three overshot water wheels of different characteristics depending on the load discharge given in the ratio of given discharge to optimal discharge
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(Q/Qmax). It is obvious that water wheels provide a high efficiency (around 80 %) for discharges between
20 and 120 % of the optimal discharge. Thereby they are very suitable for varying discharges.

Figure 3. Example for a classical undershot (Zuppinger)
water wheel (Müller, 1939)

Figure 4. Measured performance characteristics of three overshot water wheels (according to Müller & Kauppert, 2003)

Water wheels are made of different materials like certain types of woods or metals depending on their location. Several companies produce water wheels, sometimes since generations. New developments often
use an implementation of module-based concepts to decrease costs. As a result less cost intensive modular concepts as well as traditionally produced customized waterwheels are available; for every application
site both alternatives have to be considered.
The advantages of water wheels are their low constructional costs and their wide range of high efficiency. This means that both small and high discharges can be used effectively and thus energy will be
produced continuously.
2.1.2 Archimedean Screw
Since ancient times the Archimedean screw is used to lift water to higher levels. Further, they are state of
the art at e.g. WWTPs to lift the inflow, pretreated sewage or sludge inside the WWTP. As result the staff
members on WWTP are used to this concept resulting in a good acceptance for this technology, because
of its high reliability even dealing with a complex media like raw sewage. Since several years they are also used vice versa to generate energy in very low-head situations (Hellmann, 2003). The falling water
moves the helical blades wrapped around the axis which drives via a gear the generator; therefore it lies in
a semi-circular trough. Hydro Power Screws are nowadays also state of the art and produced in different
standardized versions (Cf. Fig. 5). Due to its construction the Archimedean screw has also a wide range
of good efficiency (cf. Fig. 5 - right). Hereby, the usable discharge of max. 10 m³/s determines the diameter of the screw (up to 4 m) whereas the head determines the length of the screw (Lashofer, et al., 2011) in
dependency of the angle. Thus, decreasing the angle increases the efficiency (Müller & Senior, 2009).
Disadvantageous can be the required huge dimensions due to the flat angle (< 30 °) as well as the high
load due to a massive steel construction.

Figure 5. Archimedean Screw: left: example (Andritz Atro, 2012); right: range of efficiency of an Archimedean Screw with
frequency converter (Lashofer et al., 2011)
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2.1.3 Turbines and turbine-based concepts
Turbines are the classic hydro power units. Nevertheless, they are most suitable for heads bigger than two
meters. Of the three classical turbines, Pelton, Francis and Kaplan, only the latter one is suitable for small
heads, i.e. low-pressure applications. Moreover, further developments of the Kaplan turbine like the horizontal mounted Straflo-turbine as well as the tube turbine focus on very low heads. Thus, they still need a
penstock for the inflow and a draft tube as outlet to decelerate the water. This causes a certain amount of
constructional work which most of the times makes the implementation of a classical turbine at low heads
not economic (Giesecke & Mosonyi, 2009).
Different hydro power units based on the Kaplan turbine concept have therefore been developed (Bozhinova et. al., 2012). These concepts are generally thought for the application in rivers, therefore they focus on little constructional effort and fish friendliness. Nevertheless, all concepts keep the penstock as
well as the draft tube as necessary parts. Still they are more suitable for sites of at least 50 kW. A common disadvantage is that hydro power technologies based on propeller concepts are still more sensible to
discharge variations and atmospheric influences. Due to the diurnal variations in discharge a turbine, implemented at the outflow of the WWTP is on a higher risk of cavitation. On WWTPs turbines should already be planned at the building/construction phase of the plant (Bolle & Billmaier, 2012); if a continuous
discharge can be guaranteed they are low in maintenance and contribute constant energy.
2.1.4 Chain conveyer concepts
The field of chain conveyer is the less established of the mentioned technologies although it is quite
promising for application at WWTP. The idea of chain conveyer is again not new; moreover chain
pumps, i.e. rectangular-trough pallet-chain pumps were used in acient China for drainage and irrigation,
respectively (Needham, 2004). Consequently, this technique can also be used to generate energy from water. To the authors there is only one concept known; the “Katamax”-concept. It consists of troughs
mounted on a vertical chain. If the troughs are filled with water they move the chain and thereby drive the
generator. One Prototype has been implemented (Kastner, 2006); there is no official report of the prototype available, but it is known that it has not been implemented successfully due to several constructional/material difficulties.
Nevertheless, the idea of the vertical chain conveyer seems to be quite useful. Big advantages are the
insensitivity towards contraries and the applicability if a certain head is available but no broadness to implement a large energy conveyer such as waterwheels or Archimedean screws.
2.2 Procedure to determine application sites at domestic WWTPs
At WWTPs there are two different treatment paths – the one is the treatment of sewage water, the other
one is the treatment of/energy recovery from the sewage sludge. Both paths have in a first step to be taken
into account as both provide possible application sites for small hydropower applications.
2.2.1 Sludge treatment
Beginning with sludge treatment, it simplified consists of three steps. First, fermentation whereby biogas
is produced, second, drying of the digested sludge, which produces filtrate and finally, the energy recovery using incineration (cf. Fig. 6).

Figure 6. Simplified schematic longitudinal section of sludge treatment line
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Concerning hydropower, the digesters offer a continuous discharge for hypothetical energy recovery.
Thus, the discharge is rather small, i.e. although there are higher heads (~30 m), the discharge is so little
(p.e. 20 L/s), that the expected energy potential ranges about 4 kW. Thus, even after the fermentation process, the sludge is still tough-flowing and contains fibres which may still cause a high risk of blocking.
By blocking the outflow of the fermentation towers, the whole sludge treatment might be affected. As a
result digesters are not suitable for the application of hydropower applications.
Another treatment step that can be focused on is the effluent of the filtration, p.e. chamber filter presses. The effluent is suitable for energy recovery using hydropower as it does not contain any contraries.
Furthermore the filters are usually mounted on a higher level to ease the treatment of filter cake and effluent, respectively. The study sight, a WWTP of 1.3 Mio. PE, provides filter effluent of 46 L/s. In combination with the head of 3 m there is an expectable potential of 1 kW. As the filters are working one after the
other in order to ease maintenance the real discharge is even less. Further, the hydro power unit should be
positioned within the main pipe. At the moment there is no technique available to use small discharges
within pipes. If development and research create a suitable technique there is small potential that can be
used to produce/ re-win energy from filtration processes. The effluent of chamber filter presses is hardly
economical realizable.
2.2.2 Wastewater treatment
The main focus has to be put onto the waste water treatment itself. Generally, WWTPs are constructed
with a higher positioned even pumped inflow and a gravity flow towards the river. Due to constructional
reasons there might be some heads left within the WWTP, too. Good points to have a look on are the discharge of the mechanical treatment, higher mounted basins for biological treatment and the overall outflow of the WWTP.

Figure 7. Simplified longitudinal cut of wastewater treatment

The implementation of a hydropower unit within the WWTP is difficult due to the properties of the
wastewater, i.e. chemical composition, pH-value and contraries, respectively. This leads to advanced material requirements, especially in corrosion resistance.
The discharge of the primary sedimentation has the advantage that the water is already mechanically
treated and does not yet contain activated sludge. If there is a head available a hydro power unit can be
implemented. Disadvantageous might be the design of the basins, as the outflow of the mechanical treatment usually is constructed as a wide overflow whereas hydro power requires the discharge concentrated
in a compact way. New developments like several small waterwheels driving the same axis may be a solution.
Generally, the biological treatment offers only poor possibilities for hydro power facilities. If activated
sludge is applied, the water usually flows by gravity flow through the biological treatment tank directly
into the secondary sedimentation. Usually there is no hydraulic head available. Further, the activated
sludge makes the water a poor media due to high density which makes the application in sludge containing treatment difficult.
The most suitable site is the effluent discharge of the WWTP. To avoid pumping the effluent is situated on a certain level above the river level to guarantee a gravity flow even during smaller floods. This
often leads to a certain useable head. Thus, the complete treated discharge of the WWTP can be used. Implementing small hydropower at a WWTP is advantageous as there are no biological restrictions to be
concerned and the connection to the power grid is already available. Instead of biological restrictions the
design of the discharge and structural matters are the limiting factors. Generally, the discharge controls
the diameter of the hydropower unit. Depending on the operation mode the head influences the length of
the hydro power unit. Therefore the spatial conditions determine the applicable technique.
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2.3 Small hydropower concepts at WWTP – Overall Economics
Mainly Hydropower units at WWTPs are established by operators to enhance self-energy production.
Thus the savings (i.e. expected energy delivery costs) have to be calculated rather than the gratification
due to individual energy Laws (e.g. EEG in Germany). There are numerous scenarios concerning the development of the energy costs in the near future. In any case, the price for energy will not decrease.
Therefore it is suitable to implement a hydropower unit as soon as possible to decrease the plants overall
energy costs. At the moment the energy delivery costs range around 20 ct/kWh in the German Federal
State of North Rhine-Westphalia.
The capital costs for the implementation of a small hydropower plant in general depend on the constructional cost for the unit. The costs for operation depend on maintenance needs. The constructional
costs of new developed small hydropower units are usually smaller than those of classic turbine applications. This leads to short amortization times of less than ten years, whereas the units are expected to be
working for longer time.

Figure 8. Achievable profits depending on energy costs showing the profit of energy procurement costs

Figure 8 shows the correlations between discharge, head and earned profit for a range of conventional energy costs. Whereas discharge and head influence the power and therefore the profits equally, the energy
costs have the biggest effect onto the profits. The profits depend on the achievable work per year and
therefore on local conditions. The profits may actively be influenced by the chosen gratification. As the
energy procurement costs are twice as high as the feed-in tariff of e.g. the German EEG, the margin between both rises proportionally to achieved power/work. Even this small detail of the dependencies shows
the high effect of saving energy costs by enhancing self-production. As it is expected that the energy costs
will increase in future the margin and the savings, respectively, are also expected to increase.
3 WWTP BOTTROP – A CASE STUDY
The WWTP in Bottrop treats 1.3 Mio. PE and belongs to the German water board Emschergenossenschaft/Lippeverband. It was systematically investigated to distinguish possible hydropower sites. Concerning a first estimation, four possible sites have been investigated in further detail:
−
−
−
−

Digesters
Outflow of chamber filter presses
Outflow of primary sedimentation
General outflow

Hereby it was investigated that the sludge treatment, as already mentioned in chapter 2.2.1, is not suitable
for hydro power application due to the characteristics of the sludge. Despite the big heads of the digesters
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of about 30 m the fluid characteristics of the sludge would block any mechanical energy conveyer and
therefore disrupt sludge treatment. The discharges of the chamber filter presses are so little that no economic realization could be found. The mechanical treatment is hydraulically decoupled from the biological treatment; therefore a head of approx. 1 m was detected. The mechanically pretreated sewage is suitable for hydropower units but the design of the basins prevents the installation of a hydropower unit.
Only the general effluent can be used for hydropower application. Depending on the water level in the
river there is a net head of 1.40 up to 1.80 m. The average discharge is 4 m³/s; within a margin of 40 %.
After determining the hydrological suitable hydropower technologies the constructional restrictions have
to be taken into account. Finally an Archimedean screw was considered the best solution. It fits the existing hydraulic and constructional conditions and is applicable at fluctuating discharges.

Figure 9. Most probable implementation of the Archimedean Screw in the outfall of the WWTP Bottrop; L is the length of the
hydropower unit, the diameter is 3 m, the ankle 22 °

Figure 9 shows a possible implementation of an Archimedean screw of 3 m diameter for a given head of
1.4 to 1.8 m and a medium discharge of 4 m³/s in the outfall of the WWTP.
While constructing an Archimedean screw within the outlet of a WWTP several restrictions have to be
taken into account. To secure the undisturbed treatment of the WWTP the outfall has to be dissipated all
the time, even at heavy rain events and if the hydropower unit is damaged, respectively. To guarantee the
outfall in this case it is suggested to mount the Archimedean screw in the middle of the channel in combination with a weir of the given head. In operating conditions the weir will damp the water and lead it to
the screw; if the screw is not able to use all the water available or is damaged, two bulkheads in the weir
on the left and right can be opened to guarantee the rated discharge.
The costs are dominated by construction costs. The hydropower unit accounts hereby only for 1/3 of the
total construction costs. The constructional effort, i.e. the alteration of the effluent structure building securing both the flood discharge as well as the stability generates the lion’s share.
The expected average power is 40 kW, which leads, depending on hydrologic conditions to an annual
work of 340,000 kWh. Considering energy costs of 25 ct/kWh, the profit totals 85,000 €/a. As the WWTP
in Bottrop has an annual energy demand of approx. 40,000 MWh, whereof 29,000 MWh are already produced at the WWTP itself (which equals a self-energy production of 72.5 %) the additional self-produced
energy by hydropower would enhance the self-energy rate to 73.4 %.
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Figure 10. Total annual energy demand of the WWTP in Bottrop and supply distribution; basis 2010

4 CONCLUSION AND OUTLOOK
Since several years the increasing energy costs are forcing operators of WWTP to intensively enhance
self-energy production. Many steps like improved sludge treatment have already been realized; consequently, the application of hydropower solutions has to be taken into account. Particularly small hydro
power units provide suitable requirements for WWTPs.
Conducting this study, both possible hydropower sites at WWTPs as well as suitable technologies have
been considered. Suitable sites are the intersection between mechanical and biological treatment as well
as the effluent structure of the WWTP. As gravity flow is mostly used within every plant, it is expected
that the most promising site is the effluent of the plant. For guaranteeing the effluent even at flood conditions, a certain head to the receiving water is usually given. Constructional restrictions determine the applicable technology. Recapitulating different studies it was realized that only few so-called small hydropower techniques are suitable for WWTP. Economic viability is not necessarily achieved yet. Considering
increasing energy costs and the lifetime of hydropower plants on a long-term scale the implementation of
hydropower is a foresighted investment. Nevertheless, the research and development of small hydropower
has to be observed within the next years as there are many promising technologies being established.
If suitable discharges and heads are available hydro power is a simple and effective way to enhance
self-energy production and thereby save energy costs as well as diminish CO2-emissions and thereby improve the operator’s carbon footprint.
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ABSTRACT: within a framework of conflicting needs and under water scarcity scenarios, environmental
issues are assuming more and more relevance in water cycle management. An important role in this
context is played by the minimum discharge release downstream of diversion structures, the so-called
“environmental flow”, aiming at assuring acceptable ecological conditions along natural watercourses. In
this paper the regulation criteria adopted in several European alpine countries will be briefly discussed.
The implementation of environmental flow regulations to small hydropower plants in the province of
Brescia (Northern Italy), which is one of the most relevant Italian district in terms of number of
hydropower plants, installed capacity and energy production, will be presented. In particular, the
prevailing environmental flow release devices and their main technical characteristics, operating features
and design criteria are briefly discussed. The introduction of environmental flow legislation entails both
benefits and disadvantages which are often difficult to quantify. This paper gives a contribution to this
costs-benefits analysis, by estimating the loss of energy producibility for a small alpine hydropower plant,
related to the enforcement of environmental flow regulations and to the design criteria of the release
devices.
Keywords: Alpine hydropower plants, Energy production, Environmental flow, Loss of producibility.
1 INTRODUCTION
According to the Water Framework Directive 2000/60/CE (European Parliament, 2000), the water cycle
has to be managed with a catchment-wise approach. In this context, the Directive remarks the importance
of the release of environmental flow, also identified as “minimum” or “ecological” flow, defined as “the
water regime provided within a river, wetland or coastal zone to maintain ecosystems and their benefits
where there are competing water uses and where flows are regulated” (Dyson et al, 2003). Accordingly,
environmental flow prescriptions do not necessarily aim to bring stream ecosystems back to their original
condition; rather, they aim to a re-regulation of the existing water uses in order to match with ecological
goals. Adequate quantity, quality and timing of flow are the founding elements of such rules, which prove
really effective only when included into a wider catchment governance background. The compliance with
such criteria introduces both detriments and benefits, the latter being hardly quantifiable, since they are
related to recreational opportunities, economical activities, increased water quality (e.g., pollutant
dilution) or cultural aspects. On the contrary, detriments are often well measurable, because direct and
opportunity costs are a consequence of needed structural adaptation and of reduced earnings from water
use (e.g., Ranzi et al., 2009). In particular, in the case of hydropower, the additional environmental cost of
increased request of fossil fuel due to the reduced hydroelectric production should not be disregarded. In
order to find a match point between these conflicting aspects, a costs-benefits analysis may be a starting
point that accounts for both stream quality objectives and water uses (Dyson et al., 2003; Richter &
Thomas, 2007).
Environmental flow quantity and timing definition are related to the hydrologic, physical and biotic
characteristics of the stream. Accordingly, the discharge value in itself may not be adequate to protect the
ecosystem if other hydraulic parameters (e.g., wetted perimeter and velocity) are not considered (e.g.,
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Kumar et al., 2007); moreover, all these variables are constrained by the biotic species to be preserved.
Accordingly, there is a progression from low to high level assessment methods: hydrological, hydraulic,
microhabitat and holistic (Rebillard, 2006). In general, the most efficient way to handle this issue is case
by case testing based on local hydrological, morphological and ecological status (e.g., APER, 2006,
Gollessi & Valerio, 2007).
Although Small Hydropower Plants (in the following, SHP) have a lower impact on the hydrologic
variability of a watercourse than reservoirs (APER, 2006; Richter & Thomas, 2007), nevertheless they
have to be built, or adapted, and managed in order to release downstream the suitable environmental flow
discharge and to preserve the continuity of the stream (e.g., through fish passages). The operation of these
devices is usually based on the respect of a minimum design depth, computed using energy balance
principle, that guarantees the release of environmental flow before any water diversion. A proper design
of the release devices makes possible to cope with seasonal variability and future adjustments of
regulations (e.g., Ferri et al., 2004), reducing at the same time obstructions by sediments and floating
debris. A relevant issue in SHP is related to the natural flow variability of the stream, that induces level
fluctuations upstream of the barrage, leading in turn to an increase of the released ecological flow.
Accordingly, where it is not possible to apply electronic or mechanic self-regulating devices, incremental
production losses can be expected and frequent human maintenance is needed.
Moving from these considerations, in this paper environmental flow application in province of Brescia
will be considered; the province of Brescia is a wide area (4.784 km2) located in the northern part of Italy,
that, with its 2181 MW of installed hydroelectric power (12.2% of the national total) and 2863 GWh of
energy production (5.6% of the national total), ranks second in terms of national installed power and fifth
in terms of production (GSE, 2009 and 2010). In particular we shall focus our contribution on existing
SHP with an installed power lower than 3 MW and low head barrages (<15 m), with specific attention to
the devices used for the discharge release and the related hydraulic design criteria. As a specific case, an
alpine SHP has been studied in order to assess the energy production loss due to the introduction of
environmental flow rules, comparing the increase of production obtainable with an ideal device that
releases no more than established outflow, with respect to the production achievable with ordinary
devices whose release varies as a function of water level fluctuations.
2 ENVIRONMENTAL FLOW REGULATIONS IN THE ALPINE REGION
In the following, a review of regulations of European alpine States regarding environmental flow release
from barrages will be presented, in order to identify a common methodology based on simple
hydrological criteria with further hydraulic and ecological assessments.
2.1 Austria
According to the Federal Austrian regulation, the ecologically-required minimum discharge level
(NQResidual flow) is defined on the basis of hydrological criteria to be coupled with hydraulic and ecological
elements. Three conditions may satisfy the requisites for a good hydromorphological status of a stream:
− the permanent minimum flow is greater than the natural lowest daily minimum flow (NQt natural);
− the permanent minimum flow is equal at least to one third of the natural mean annual minimum flow
(MJNQt natural, which for the Austrian territory is closely correlated to the discharge exceeded 95% of
time – e.g., Laaha & Blöschl, 2007 ) in streams where NQt natural<1/3 MJNQt natural;
− the permanent minimum flow is equal at least to one half of the natural mean annual minimum flow
(MJNQt natural) in streams where NQt natural<1/2 MJNQt natural and a mean discharge lower than 1 m3/s.
The parameters involved in this procedure has to be calculated from datasets that ideally cover at least the
last ten years. Beside this hydrological requirement, water depth, flow velocity, thermal condition and
oxygen disposability constraints have to be fulfilled; in particular, a minimum velocity of 0.3 m/s and a
minimum water depth ranging from 0.1 m to 0.3 m are suggested (Republic of Austria, 2010).
2.2 France
Minimum flow releases are regulated by the Ministre of Ecology, Sustainable Development and Energy
through the Environmental Code (art. 214-18) (Gouverne de France, 2012); this duty is compulsory for
each new structure and has to be fulfilled by existing barrages or dams by January 2014. The minimum
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flow to be released by diversion structures in each watercourse is a function of the mean annual
discharge, calculated as the average value of at least five years data. The release must be equal or greater
than 10% of the mean annual flow; for rivers with an average annual discharge of 80 m3/s or greater, this
contribution can be reduced to 5%. This exception can be applied also to reservoirs assigned to supply the
high power request peaks. A variable distribution in time of minimum flow is possible unless the mean
value obeys the general principle and the minimum value is at least 1/2 of the uniform minimum flow.
2.3 Italy
The Italian regulation of environmental flow is based on the Ministerial Decree 28 July 2004 that states
general definitions and guidelines, while the specific procedures for the definition of environmental flow
values have to be given by regional or local water authorities. Since several different approaches
characterize the Italian territory, in the following only some of the most representative ones in the alpine
area will be briefly described.
2.3.1 Po river Water Authority
The Po river Water Authority (Autorità di Bacino del Fiume Po, 2002) suggests a parametric relation to
calculate the environmental flow discharge DMV [l/s]:
DMV = k ⋅ q mean _ y ⋅ S ⋅ M ⋅ Z ⋅ A ⋅ T

(1)

where k [-] is an experimental parameter to be defined for each hydrographic area as a function of the
watershed surface, qmean_y [l/s/km2] the mean annual specific discharge, S [km2] the catchment area, M []a morphological parameter (from 0.7 to 1.3), A [-] a coefficient between 0.5 and 1.5 that represents the
interaction between surface water and groundwater, T [-] the environmental flow timing, Z [-] the
maximum value assumed by the naturalistic, fruition and quality parameters, which are all dimensionless
and equal or greater than 1. The product of the first three parameters gives the “hydrological factor” to be
released by the end of 2008, while the “corrective” parameters have to be applied by 2016 for existing
structures. The regional Authorities within the Po river basin have to define both the hydrological and the
corrective parameters. In particular Regione Lombardia (2008), which enjoins a minimum release of 50
l/s for new withdrawals in mountain watersheds, suggests k=0.10 and provides two methodologies for the
determination of qmean_y through regionalization procedures or stream gauging measures; the corrective
parameters are not defined yet. Regione Piemonte (2007) provides similar approaches for the definition of
qmean_y while allows different values of k factor (from 0.07 to 0.15); moreover, the assessment of M and A
parameters is already available. Finally, Regione Valle d’Aosta (2006) provides k values as function of
the basin area; here the definition of the corrective parameter has been completed except for the factor A.
2.3.2 Autonomous Province of Bolzano
The autonomous Province of Bolzano demands a minimum specific discharge from 2 l/s/km2 to 4 l/s/km2,
to be increased in case of specific environmental needs. An additional variable percent (from 3% to 25%)
has to be applied depending on the natural flow values and the basin area, as to guarantee the natural
discharge variability (Provincia Autonoma di Bolzano, 2010).
2.3.3 Autonomous Province of Trento
The autonomous Province of Trento provides, for each basin, the value of specific environmental flow to
be released downstream each new diversion structure and its seasonal variability; the demanded release
for existing withdrawals is 50% of the provided value, but not lower than 2 l/s/km2 (Provincia Autonoma
di Trento, 2005).
2.3.4 Regione Veneto
For the regional areas into the Po river catchment the mean specific discharge qmean_y is 30 l/s/km2, the
experimental parameter k is 0.14 and no corrective coefficients have to be applied. For the Piave river
basin, specific environmental flow values have been identified by the Alto Adriatico Water Authority
(Autorità di Bacino dei Fiumi dell’Alto Adriatico, 2007). For all the remaining streams in the Regione
Veneto (2012) a specific discharge of 4 l/s/km2 or 3 l/s/km2, depending on the basin area, must be applied.
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2.4 Switzerland
The Swiss Confederation (1991) defined the environmental flow release criteria into the Water Protection
Act (art. 30-32), where minor and major withdrawals are distinguished. With regard to the former, the
maximum amount of total withdrawn discharge has to be less than 20% of Q347 and 1000 l/s. For the
major diversions the hydrological criterion described in Table 1 has to be followed. In case water quality
cannot be complied with existing wastewater discharges or water depth does not allow free fish migration
(e.g., lower than 20 cm), the minimum flow has to be increased. On the contrary, ecological flow can be
reduced for water bodies with low ecological potential or in case of emergency situations.
Table 1. Swiss minimum flow criterion
_________________________________________________________________________________
Q347 classes
minimum flow
additional release to the minimum flow values
_________________________________________________________________________________
50 l/s
for each additional 10 l/s of Q347 add 8 l/s
Q347 up to 60 l/s
130 l/s
for each additional 10 l/s of Q347 add 4.4 l/s
Q347 up to 160 l/s
280 l/s
for each additional 100 l/s of Q347 add 31 l/s
Q347 up to 500 l/s
900 l/s
for each additional 100 l/s of Q347 add 21.3 l/s
Q347 up to 2500 l/s
2500 l/s
for each additional 1000 l/s of Q347 add 150 l/s
Q347 up to 10000 l/s
10000 l/s
-----------------------------------------------Q
347 greater than 60000 l/s
_________________________________________________________________________________

An approach similar to the Swiss one has been followed by the Friuli Venezia Giulia Regional Water
Authority (Italy), where the suggested values in Table 1 are multiplied by the factor CL [-] which is a
function of the distance D [km] along the water course between the withdrawal and the tailrace:
CL=1+0.075·D (Autorità di Bacino Regionale della Regione Friuli Venezia Giulia, 2007).
Finally, according to several regulations, the established value of the ecological flow release from
barrages has to be clearly displayed in correspondence of each diversion structure and the minimum water
level in compliance with the environmental flow release should be shown on a staff gauge properly
located upstream of the barrage in order to ease the control.
3 THE RELEASE OF ENVIRONMENTAL FLOW FROM LOW HEAD STRUCTURES: THE
SITUATION IN PROVINCE OF BRESCIA
The province of Brescia is one of the most important Italian areas in terms of installed hydropower
capacity and production. Because of the morphological complexity and economic relevance of the
territory, both low and high head power plants and diversion structures are present; in the following, due
to space constraints, only SHP will be considered.
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Figure 1. The province of Brescia (a) and distribution of SHP according to their capacity (b) and gross head (c) classes.

In the province of Brescia 6 homogenous zones can be identified (Figure 1a): the alpine valley along the
Oglio river (Valcamonica, 34% of SHP present in the whole Province), the alpine valley along the Mella
river (Valtrompia, 16% of SHP), the alpine valley along the Caffaro and Chiese rivers (Valsabbia, 19% of
SHP), the area directly drained by Iseo lake (4% of SHP), the area directly drained by Garda lake (13% of
SHP) and the floodplain area in the southern part of the province (13% of SHP). In the whole district,
about 90 low head weir SHP can be found; among them, 70 have an installed capacity between 100 kW
and 3 MW while 4 are enclosed into the pico-hydro class (<5 kW) (Figure 1b). According to the gross
head classification (ESHA, 2004), the distribution appears equilibrated, with low and high head SHP
numerically quite equivalent and only few medium head SHP (Figure 1c). According to the morphology
of the territory, Valcamonica is characterized by the maximum value of the mean geodetic head (Figure
2a). On the contrary, in the floodplain, in Valsabbia and in Valtrompia, the higher values of withdrawn
discharge are registered (Figure 2b). Finally, the peak value of the percent distribution of mean annual
potential energy production (37%) is concentrated in Valcamonica, because of the elevated number of
high head plants, whilst the lowest percentage is located in Valtrompia and in the areas surrounding the
lakes (each one contributing with 7%). An intermediate situation characterizes Valsabbia (27%), where
many low head plants with considerable discharges are located, and the floodplain (15%), with few low
head plants with large discharges.
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a)
b)
Figure 2. Mean values per homogeneous area of gross head (a) and withdrawn discharge (b).

The most widespread barrage typologies, among SHP in this district, are low head gates and gravity weirs
with lateral intakes or drop (especially tyrolean) intake. The first category is peculiar of the floodplain
areas and of the lower part of Valsabbia and Valtrompia, while gravity weirs are common devices in high
head plants of Valcamonica. According to national and local regulations, each new or existing barrage
needs equipments for the release of environmental flow. Generally three main outflow solutions may be
identified: gates, weirs and orifices. The first type of release can occur under gates opened in the barrage
and sediment flushing gates in gravel or sand desilting basins; while the first group is peculiar of SHP
with large diverted discharge and related ecological flow values, the second class is indifferently
widespread. Weirs, often in thin plate, are usual outflow devices especially where fish passages are
present; in particular, these solutions can be coupled with gate releases in order to reduce fish ladder
dimensions. In many plants, especially in alpine basins where a small ecological flow discharge is
required, this is often released from orifices opened within existing gates. Figure 3 shows the percentage
distribution of release devices for SHP in Brescia district.
Other 9%
Flushing gate 40%

Weir 24%

Orifice 23%

Barrage gate 4%

Figure 3. Percent distribution of environmental flow release devices in province of Brescia SHP.

4 CONSIDERATIONS ON THE DESIGN OF ENVIRONMENTAL FLOW RELEASE DEVICES
Due to its simplicity, the most widespread solution is the release of ecological flow under gates, because
it does not require additional intervention in existing structures. This approach is often favored by the
plant manager because it guarantees high flexibility with respect to the annual release trend and to
possible adjustments by the Authorities, also contributing to a gradual self cleaning effect of the area
upstream of the barrage where sediment clogging could be a problem. On the other hand and for the same
reason, these structures are extremely prone to obstructions, especially if the transport of coarse sediment
is relevant. For this reasons, release under gate is in our opinion seldom acceptable because it is difficult
to guarantee a total cleaning of the gate opening. Moreover, in many situations the theoretical clearance
under the gate would be only few centimeters high or even less: in these cases it is doubtful whether
ordinary gates mechanics allow this level of precision, especially if no electronic controls are installed. In
any case the installation of mechanical blocking systems to guarantee the minimum required opening and
an appropriate maintenance program to ensure the respect of ecological flow release are needed. Free
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surface outlets (e.g., weirs, sector gates, etc.) can be considered very effective devices to be designed on
the basis of weirs efflux law or free surface flow theory; the risk of obstruction is usually limited to
floating debris and it can be reduced through an appropriate upkeep program. The main criticalities of
traditional weirs with fixed height are linked to their low flexibility and to the high variability of flow due
to water level fluctuations. When such facilities are communicating with fish passages, the knowledge of
the ichthyologic aspects of the stream and specific fish species requirements are basic information needed
for their rational design (Grishin, 1982). Then, when an existing fish ladder is used for the adaptation to
ecological flow release, attention must be paid because the modification of the flow parameters from
design conditions may reduce its effectiveness. Finally, as far as obstruction risk is concerned, the best
release solution is possibly provided by orifices opened within sluice gates, when their axis is located at a
sufficient distance from the bottom and from the water surface; in such a case only partly floating
advected debris may reduce the opening so that an appropriate upkeep program would be anyway
advisable. The drawbacks of this solution are its poor flexibility if no partialization is possible and the
possible weakening if the gate structure; for this reason, orifices require a case-by-case evaluation.
All of the presented solutions are designed using the energy balance equation, usually under the
assumption of still water behind the barrage so that the whole specific energy available is equal to the
water depth. Accordingly, a drought condition depth must be selected as reference for their design and it
must be guaranteed by some geometrical constraint (e.g., desilting basin or diversion channel threshold
height) or by a hydraulic machinery set point. Whilst in the first case (Figure 4) an incoming discharge
less than the ecological flow cannot enter into the diversion channel, in the second one the constancy of
an upstream water level (e.g., in the forebay) is controlled by pre-set hydraulic machinery regulations.
Both these design conditions imply that if in operational conditions the discharge in the stream is greater
than the environmental one, the water level behind the barrage may rise and a greater discharge than the
design one will flow out from the release devices to the detriment of the production. For this reason, in
order to minimize the loss of production, practitioners often design release devices with respect to a mean
water depth upstream of the barrage, identified through recorded time series or experience. Clearly, this is
not an acceptable criterion because, in case of low flows, the release prescribed by law is not guaranteed.
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A
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CHANNEL
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DIVERSION
CHANNEL

A'

FLUSHING
GATE

Figure 4. Example of intake, plan and cross sectional views.

The best solution to cope with this problem would be the installation of self-regulating mechanisms
adapting the device geometry on the base of the upstream water level. In the considered district, both
oleodynamic small plane gates and buoyant systems, that partialize orifices on the base of the upstream
water level, are installed. Anyway these approaches are hardly applicable in absence of power supply or
in case of severe freezing problems. In such cases orifices are preferable to free surface weirs because
their stage-discharge relation is a function of the water level at the power 0.5 and so less sensitive to
depth variations. Other approaches to reduce outflow variability are weirs with narrow vertical slot (e.g.,
Regione Piemonte, 2006), which however appears to be obstruction-prone, or proportional weirs, that
assure more self-cleaning capacity. For these reasons, in case of refurbishment of SHP with already
present fish passage, a combination of free surface and low pressure devices might be preferable.
5 EVALUATION ON THE LOSS OF HYDROPOWER PRODUCIBILITY FOR AN ALPINE SHP
DUE TO THE ENFORCEMENT OF ENVIRONMENTAL FLOW REGULATIONS
The run-of-river SHP case study is located into an alpine sub-basin of the Po river watershed. It has a
drained catchment of 11.6 km2, mean altitude of 2250 m a.s.l. and an average slope gradient of 0.50 m/m.
The basin is characterized by a mean annual precipitation of about 1000 mm; taking into account a snow
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equivalent of 280 mm of rainfall, through regionalization procedures (Regione Lombardia, 2008), a mean
annual discharge of 0.38 m3/s can be estimated. An aerial image of the watershed is shown in Figure 5a
while Figures 5b and 5c respectively present geological units and land use from Corine 2000.
Since no gauged data are available for this basin, the flow duration and the characteristic hydrological
curves (Figure 6) have been estimated moving from the dataset of 34 years daily measured discharge data
from the Sarca of Nambrone stream watershed (Northern Italy) (Bacchi et al., 2000; Bavera & Ranzi,
2006; Bavera et al., 2007) because of the geological and hydrological similarity between the two basins.

b)
c)
a)
Figure 5. Case study catchment aerial image (a), geological units (b), Corine 2000 land use (c).

a)
b)
Figure 6. Flow duration curve (a) and characteristic hydrological curve (b) without ecological flow abstraction.

The case study barrage (Figure 7) is a 2 m high gravity broad crested weir with a lateral intake which is
followed by a chamber containing the desilting basin and the forebay, separated by a sill; the steel
penstock is 3800 m long and with a diameter of 0.6 m. Two Pelton turbines are present for greater
flexibility, operating with a discharge ranging from 0.030 m3/s to 0.750 m3/s and a gross head of 564 m;
the operational scheme of the hydraulic machinery, in terms of sequence and number of running turbines,
is set to keep its efficiency from 0.78 to 0.93, depending on the flowing discharge. At the barrage, the
flow repartition is controlled by a frontal broad crested weir for high flows and a lateral Belanger intake
weir; the environmental flow is released through a thin plate triangular weir for fish passage and a low
pressure circular orifice into the flushing gate at 0.3 m from the bottom. From the operational viewpoint,
considerations related to minimum submergence on the inlet of the penstock suggest to keep constant the
water depth at the forebay. This is done by controlling the depth with an ultrasonic water level gauge and
regulating the discharge in the penstock through the conical needle inside each nozzle ahead of the
runner. Accordingly, the design of the release devices is based on the set point water depth.
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Figure 7. Plan view and transversal section of the barrage and the intake.

In order to assess the loss of production for this SHP due to the enforcement of ecological flow, the
incoming discharge Q at the barrage must be partitioned between the elements that characterize the intake
(i.e., broad crested weir of the barrage, triangular weir, circular orifice and drowned broad crested weir at
the intake). The unknown discharges flowing through the listed devices are functions of the unknown
water depth h at the barrage; on the other hand Q, from the flow duration curve, and the fixed water level
of the forebay are known values. To this purpose, a simple numerical code has been written to solve the
continuity equation (2) providing, for each Q, the upstream water depth and the related discharge sharing:
4

Q = ∑ f i ( h)

(2)

i =1

where fi(h) is the stage-discharge relation of the i-th device. Initially, an ideal device that releases
constantly the ecological flow discharge that could be provided by each national regulation (Table 2) has
been supposed, so that these discharges substituted the fi(h) functions related to the triangular weir and to
the orifice in Equation (2). Afterward, the real release devices have been considered and the additional
production loss due to the increased flowing environmental discharge has been computed.
Table
2. Environmental flow values
_______________________________________________________________
Country
Environmental flow discharge [m3/s]
_______________________________________________________________
Austria
0.042
France
0.038
Italy – Regione Lombardia
0.038
Switzerland
0.050
_______________________________________________________________

Finally, the net head has been estimated through an energy balance along the penstock and the annual
energy producibility in the two scenarios has been computed; the results are shown in Table 3, where
reductions are calculated with respect to the potential production, in absence of any ecological release, of
10691 MWh.
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Table
3. Results
____________________________________________________________________________________________
Country
Energy
production [MWh]
Reduction
[%]
Variation ideal/real [%]
____________
___________
Ideal
Real
Ideal Real
____________________________________________________________________________________________
Austria
9940
9842
-7.0
-7.9
-1.0
France
10020 9938
-6.3
-7.0
-0.8
Italy – Regione Lombardia
10020 9938
-6.3
-7.0
-0.8
Switzerland
9786
9696
-8.5
-9.3
-0.9
____________________________________________________________________________________________

As one can see, the application of ecological regulations under ideal conditions implies a producibility
reduction ranging from 6.3% to 8.5%. Since the actual release varies with the water depth at the barrage,
that increases with the discharge Q in the stream, in real operating conditions a further energy reduction
of about 1% is expected so that the overall loss of producibility ranges from 7.0% to 9.3%.
6 CONCLUSIONS
The assessment of environmental flow discharge implies hydrological and ecological aspects; all the
European alpine states considered in this paper deal with this topic on the basis of an hydrologic
approach, often supported by hydraulic and ecological evaluations. Moving from the analysis of the
application of such regulation in province of Brescia, pros and cons of different devices used for
environmental flow release are briefly discussed. Although bottom opened flushing gate are the most
widely used solutions, they are inevitably prone to obstructions with consequent potential reduction of
released discharge; in particular this solution may be considered acceptable only if accompanied by an
appropriate management program and if the self-cleaning effect under the gate is guaranteed. Weirs are
suitable approaches especially if fish ladders are required. In case of streams with small ecological flow
release and relevant sediment transport, the most suitable solution might be low-pressure orifices, opened
sufficiently far from the bottom in order to prevent obstructions. A key point for the verification of the
correct operation of such devices is the identification of a reference level, chosen on the basis of
geometrical or hydraulic constraints, that guarantees the absence of water diversion before the complete
release of the environmental flow. Moving from these considerations, the influence of different ecological
flow rules and structure design criteria on the potential loss of producibility for an alpine high head SHP
has been assessed. To this purpose, the annual producibility obtainable with an ideal adaptive device, that
releases constantly the design environmental discharge, and with a real outflow configuration,
characterized by a circular orifice and a triangular weir for fish passage, have been compared.
Accordingly, in the real situation the actual released discharge may increase, with respect to the design
one, as a function of the water depth behind the barrage. Then, an ideal loss of production ranging from
6.3% to 8.5% has been estimated while a further 1% reduction is caused by water level variability.
Although this additional loss is small in relative terms, from an economic point of view it might justify
technical improvements aiming at keeping environmental flow release as constant as possible.
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NOTATION
A
CL
D
DMV
h
k
M
MJNQt natural

parameter of interaction between surface water and groundwater in Eq. 1 [-]
amplification factor [-]
distance between the intake and the tailrace [km]
environmental flow discharge in Eq.1 [l/s]
water depth at the barrage [m]
experimental parameter in Eq. 1 [-]
morphological parameter in Eq. 1 [-]
natural mean annual minimum flow according to Austrian regulation
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NQResidual flow
NQt natural
Q
Q347
Qmax
Qmean
qmean_y
S
T
Z

ecologically required minimum discharge according to Austrian regulation
natural lowest daily minimum flow according to Austrian regulation
discharge [m3/s]
discharge equaled or exceeded for 347 days each year [m3/s]
design discharge for the SHP in Figure 6 [m3/s]
mean discharge usable in the SHP in Figure 6 [m3/s]
mean annual specific discharge in Eq. 1[l/s/km2]
catchment surface in Eq. 1 [km2]
parameter of environmental flow timing in Eq. 1 [-]
parameter accounting naturalistic, fruition and water quality aspects in Eq. 1 [-]
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